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ABSTRACT 
As part of the activities of the steel structure phase of the U .S.-Japan 
Cooperative Earthquake Research Program Utilizing Large-Scale Facilities, 
expermental and analytical studies of full-scale composite beam-to-column joints 
and of a 0.305 scale model of the six-story prototype steel building structure 
have been carried out. The objectives are (i) to investigate the effect of 
composite slabs on the seismic characteristics of the composite beam-to-column 
joints and their structural elements as well as the interaction between the 
elements, (ii) to search for mathematical models of composite beams and 
composite beam-to-column joint panel zones for the purpose of the inelastic 
analysis of steel building structures with composite slabs, and (iii) to study the 
lateral load-deformation response of a dual lateral force-resisting bracing system 
consisting of a concentrically braced frame and two moment-resisting frames and 
the feasibility of a quasi-static test method in study of structural response to 
earthquake ground excitations. 
Three types of composite beam-to-column joints, one interior and two 
exterior, have been tested with displacement-controlled cyclic loading. A 
two-step analysis approach using finite element methods is proposed to analyze 
the load-deformation behavior and the results are compared with the tests. 
Mathematical models of composite beams and composite beam-to-column joint 
panel zones have been developed by parametric studies and implemented in the 
inelastic dynamic program, DRAIN-20. Tests of a six-story model structure 
with concentric K-bracing have been performed. 
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The major findings are summarized as follows: 
1. Increase in the stiffness and strength of composite beams due to composite 
slab is substantial. The effective slab width can be determined by 
considering three parameters: aspect ratio, width of contact area and the 
torsional stiffness of lateral beams. The strength of a composite beam 
adjacent to a column under positive moment is determined with the 
concrete slab width equal to that of the column and using a concrete 
strength of 1.4f c· 
2. Composite beam-to-column joint panel zones showed excellent seismic 
behavior with high reserve strength beyond yielding. The increase in the 
stiffness and strength of the panel zone due to the composite slab can be 
estimated by using an enlarged depth of composite beam. 
3. Essentially two types of joint behavior have been found. The joints with 
substantial shear yielding of the panel zone showed good ductility, but 
could riot take full advantage of the increased strength of the composite 
beam. On the other hand, the full beam strength did develop in the joint 
with a relatively stiff and strong panel zone, but its ductility was impaired 
by flange local buckling or fracture. 
4. The proposed analytical(hysteretical) models for the two structural elements 
adequately take into account the effect of composite slab on cyclic 
behavior. 
5. The strength of a dual lateral force-resisting bracing system is limited by 
the strength of the braces. Buckling of one of the pair of braces in a 
story caused a rapid decrease of the stiffness of the story, but the strength 
deteriorated gradually due to redistribution of story shear to the 
moment-resisting frames until the buckled brace ruptured. The quasi-static 
test method tended to proceed damages concentrated in one or two stories. 
6. The hysteresis loops of the joints assemblages and of the overall structure 
were stable and repetitive. The opening and closing of concrete cracks 
caused the deterioration of the stiffness and pinching of the hysteresis 
curves which resulted in negligible increase of energy absorption and 
dissipation capacity of the structure comparing to the bare steel structure. 
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1.1 General 
Chapter 1 
INTRODUCTION 
The design of a building structure to be constructed in a se1sm1c regwn IS 
a process of synthesis. The designer must determine the structural system 
within certain constraints such as the architectural configuration of the building, 
the foundation conditions, the possibility and probable intensity of earthquakes, 
costs and other associated factors, as well as the non-exact nature of the analysis 
that is carried out to determine the force distribution or the resistance of the 
structure. In this process the designer must understand the nature of earthquake 
loading and have some basis for the selection of the structural system and the 
relative strengths of the various members. 
Building structures designed to resist earthquakes must satisfy two basic 
design requirements. First, the structure must remam serviceable during 
moderate earthquakes. The lateral drift must be controlled and a damage of the 
structural elements must be prevented. This . requirement 1s met with large 
stiffnesses and strengths for all structural elements. Second, the structure must 
be designed not to collapse during a major earthquake which may occur only 
once. This imposes on the structure the requirement of deformability and the 
associated energy absorption requirement. To meet these design requirements, a 
well-balanced design utilizing the seismic characteristics of both the structural 
elements as well as the non-structural elements such as cladding must be 
developed. But the fact that the required strength depends upon the stiffness 
3 
and the ductility of the structure as well as the intensity of the expected 
earthquake ground motion complicates the design of earthquake-resistant 
buildings. The dynamic loading results from time-dependant inertial forces which 
are generated by the earthquake motions. Because these forces are dependent on 
the stiffness and the strength of a structure, the design procedure is complicated 
by the interaction between the inertia forces which themselves are determined by 
the stiffness, strength and ductility of the resisting structure. 
During the last two decades, the seismic response of steel building 
structures has been widely investigated with the overall objective of improving 
seismic safety practice. Structural systems carrying lateral forces such as 
moment-resisting frames(hereafter called moment frames) in which the members 
and joints are capable of resisting forces primary by flexure and braced frames 
which resist lateral forces primarily by axial stresses, have been significantly 
improved. However, the interaction between the two different types of frames in 
a dual lateral force-resisting bracing system(hereafter called dual system) 
consisting of a combination of moment frames and braced frames is not fully 
understood. The seismic characteristics of the basic steel structural elements are 
well understood, and some phases of the work have reached the stage of 
development where mathematical models can be suggested. On the other hand 
studies have not progressed to the point where the effect of composite floor 
systems can be properly included in the analysis of steel building structures 
subjected to earthquake loading. With steel structures, the beams are commonly 
designed to act compositely with a reinforced concrete slab using shear studs. In 
addition to its primary function for gravity loads, the floor system also acts to 
4 
transmit se1sm1c forces to the lateral force-resistant frames through diaphragm 
action. The floor system with steel beams is also a component of the resisting 
frames thus participate in frame action. It is therefore necessary to include the 
effect of the reinforced concrete slab in the proper evaluation of the dynamic 
performance of a steel framed building. 
1.2 Statement of Problem 
Modern design pratice in the U. S. for medium- to high-rise buildings is to 
make use of steel construction. A dual system is the common. However a steel 
building also involves concrete in some form. Reinforced concrete slabs exist in 
virtually all such structures. The need for economical floor systems, increased 
speed of construction and large spans has resulted in the use of composite floor 
systems in buildings. A relatively recent development is the use of the 
cold-formed steel metal deck and concrete slab made composite with the steel 
floor beams using welded steel shear connectors. 
Currently, codes and standards permit composite design of the floor slab 
and steel frame. These codes, however, do not provide adequate guidelines for 
the design of such structures when they are subjected to earthquake loadings. In 
this case the structural engineer must use more judgement in designs. The 
seismic forces for which the structure must be designed and the drift limitation 
are specified in building codes, such as the Uniform Building Code(UBC) [76]. 
The building is designed to respond elastically to the specified gravity and 
earthquake loads but allowed to undergo inelastic stress under a severe 
earthquake. In this case the ductility and the energy absorption and dissipation 
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capacity of the structure becomes the controlling design factor. The UBC 
Code [76] and AISC [3] provisions specify the design of the structural steel and 
composite member. And effective width concept is used to determine the width 
of the concrete floor slab that IS to be considered to act compositely with the 
steel beam. Partial composite action m composite beams is also permitted m 
the prOVISIOnS. But, these provisions are not necessarily applicable to 
earthquake-resistant design. Thus, more information 1s needed regarding the 
se1sm1c characteristics of composite beams and the interaction with other 
structural members. 
Figure 1.1 shows a typical moment-resisting steel frame with a composite 
reinforced concrete slab. H is the height of a story and L1 and L2 are the 
spans of beams between column centerlines. Under large lateral forces or seismic 
forces, one end of the composite beam is subjected to negative moment(tension 
m the slab) and the other end to positive moment(compression in slab). 
Behavior of these composite beams is represented by neither that of bare steel 
beams alone nor that of composite beams having the usual effective width for 
gravity loading specified by building codes. The moment transfer mechanism 
from the beam to the column is rather complex. Figure 1.2 illustrates a 
composite beam-to-column joint under such a loading condition. Mb and Me are 
moments of beam and column. V b and V c are shear forces of beam and 
column. The interaction between the column flange and the concrete slab acting 
compositely with the steel beams becomes complex. The connection at one side 
is subjected to a positive moment and compressive stresses are trasmit.ted from 
the slab to the column face. The connection at the other is subjected to a 
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negative moment. The gap between the concrete slab and the column flange 
opens wide and the moment of the beam is transmitted by the steel beam and 
the reinforcing steel. The moments of the composite beams cause a high shear 
stress in the panel zone within the joint. It is known that the joint IS a 
structural element which can significantly influence the overall behavior of a 
resisting frame, especially under earthquake ground excitations. The panel zone 
of a beam-to-column joint shown in Fig. 1.2 is somtimes the weakest link in the 
joint. The UBC Code [76] permits inelastic action of the panel zone during 
earthquakes. It is therefore necessary to understand the behavior of composite 
beam-to-column joint consisting of the composite beam, the panel zone and the 
interaction between them as well as the column, in order to be able to predict 
the lateral load vs. deformation relationship of a multi-story steel building. 
The behavior of a dual system under earthquakes is complicated because of 
the complexity of the interaction between the frames and between the structural 
elements. The prediction of the dynamic behavior of a building requires accurate 
evaluation of the properties of the structural elements. For a practical dynamic 
analysis, it is necessary to establish simple models for the hysteresis behavior of 
the structural elements. Empirical evidence from test results of structural 
elements and assemblages is essential in order to develop the simple models. 
The roam purpose of this study is to investigate the effect of compositely 
acting reinforced concrete slab on the resistance of steel buildings and the seismic 
behavior of a dual system. The study reported herein is an attempt to evaluate 
the strength, stiffness, ductility and energy absorption capacity of composite 
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beam-to-column joints and their structural elements with composite slabs. Also, 
the cyclic behavior of a dual system is examined. The overall behavior of a 
building structures with composite slabs under cyclic loadings is predicted and 
conclusions are drawn. It is also attempted to provide suggestions for future 
research. 
1.3 Objective 
It is proposed to investigate the effect of the reinforced concrete slab on 
the seismic behavior of a steel building structure under severe earthquakes and 
the cyclic behavior of a dual system. Behavior of composite beam-to-column 
joints and the interaction between the structural elements and the role of braces 
m a dual system are the main topics of this study. 
following problems are made. 
Investigations of the 
1. Effect of composite slab on the stiffness, strength and ductility of composite 
beams and beam-to-column joint panel zones. 
2. Effect of relative strength of the component elements of joint assemblages 
on the seismic capacity and the contribution of composite slabs. 
3. Hysteresis behavior of structural components with composite slab and the 
energy dissipating capacity. 
4. Search for mathematical models for composite beams and composite 
beam-to-column joint panel zones. 
5. Development of a computer program usmg the mathematical models for the 
dynamic analysis of building structures including composite action. 
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6. Cyclic behavior of a dual system and the role of braces m the system. 
1.4 Scope 
An experimental and analytical investigation is carried out to achieve these 
objectives. The effectiveness of the floor system with regard to its frame action 
is studied. Chapter 2 describes the experimental work on joints. The 
experimental programs are discussed and the experimental results obtained from 
the tests of three composite beam-to-column joint assemblages are presented and 
interpreted. For the purpose of the analysis of the test specimens, finite element 
analyses using programs which are capable of performing inelastic analysis of 
concrete as well as steel elements are described in chapter 3. Mathematical 
models which simplify the hysteresis behavior of composite beams and 
beam-to-column joint panels are developed in chapter 4. These models are based 
on the information obtained experimentally and analytically, and the 
implementation of the models in the inelastic dynamic program DRAIN-2D IS 
described in chapter 5. The appropriateness of the mathematical models IS 
verified in chapters 4 and 5. In chapter 6, the testing of a six-story 0.305 scale 
model building structure having a dual system is reported, and the test results 
are presented. The analytical and the experimental results are compared. 
Finally, conclusions and recommendations for further research .. . are given m 
chapter 7. 
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1. 5 Previous Research 
Since steel-concrete composite design was applied in the early 1950's for the 
structural members of buildings and bridges, extensive research has been carried 
out and composite construction has been widely used throughout the world. 
During the past two decaddes, the knowledge in this field has undergone a rapid 
expansion [22, 74, 10, 47] and formalized design codes and specifications have 
evolved [76, 3] 
The elastic behavior of composite beams was well understood by the end of 
the 1950's [22]. In 1965, Slutter and Driscoll [69], supported by extensive tests 
of pushout specimens and composite beams, developed a simplified plastic theory 
for the ultimate strength of composite beams with partial shear connections. 
During the 1960's, inelastic methods of analysis were developed to investigate the 
inelastic behavior and the load carrying capacity of simple span composite 
beams [74]. In 1971, Ollgaard, et al [54] developed design equations for the 
ultimate strength of shear studs in normal and lightweight concrete. The 
equations were modified for the shear connectors in composite beams with formed 
metal deck by Grant, et al [40] in 1977. Design equations for the effective 
section modulus and effective stiffness of partial composite beams were also 
reported in the report [40]. 
The strength and stiffness characteristics of composite beam-to-column 
connections under monotonic loading have been studied both analytically and 
experimentally by Daniels, et al [25] and duPlessis, et al [31, 32] at Lehigh 
University. The emphasis of the studies was on the interaction between the 
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column flange and the concrete slab which IS designed to act compositely with 
the steel beam. Daniels, et al tested an exterior connection and an interior 
joint. A detailed study of composite connections under positive moment was 
undertaken by duPlessis, et al. The study shows that the ultimate strength of 
the composite beams is dependent on the slab area which is in contact with the 
column flange. This study also indicated that, as a lower bound, the concrete 
compressive strength can be increased to 1.3P due to confinement near the 
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column, when computing the ultimate strength of the composite beam at the 
connection. Two one-story, two-bay assemblages with composite slabs were 
tested under monotonic gravity and lateral loadings by Wenk, et al [79]. Cyclic 
test results are reported in Ref. [52]. Experimental results of such connections 
subjected to load reversals have also been presented by Japanese 
investigators [45, 46]. 
Few studies have been done on the effecctive width of the composite slab 
under lateral force or earthquake induced forces. A experimental study of a 
portal frame under cyclic lateral loads was carried out by Hisatoku [74]. 
Ansourian [7] applied the finite element method to study the effective width of 
composite slabs in a composite beam under such loading conditions. 
The behavior of panel zones of steel beam-to-column joints under 
earthquake loadings has been investigated experimentally and 
analytically [53, 17, 48, 35, 20, 64, 66, 70]. Naka, et al [53] and Fielding [35] 
developed simplified bilinear models and Krawinkler [48] represented the behavior 
of panel zones by a trilinear model. Recently, a research report by Osano [55] 
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has been presented for the inelastic behavior of composite beam-to-column joint 
panel zones. 
Few analytical studies on steel building frames with composite slabs have 
been reported. duPlessis [33] developed a two-step approach computer program 
for the analysis of steel frames with composite slabs. Effective width of the 
composite slab IS first determined using a finite element method and then the 
frame analysis IS performed. Schaffhausen [67] assumed a transition zone in 
composite slabs adjacent to columns for the stiffness of the composite beam. 
Both studies were limited to monotonic loadings. A method which starts from 
the stress-strain relationship, the moment-curvature relation, and the end moment 
versus end rotation relationship to finally obtain the hysteresis load deflection 
has been attempted [72]. This method however is too complex for the routine 
analysis of multi-story buildings. 
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Chapter 2 
CYCLIC TESTS OF COMPOSITE BEAM-TO-COLUMN 
JOINTS 
2.1 Prototype Structure 
As a part of the Steel Building Structure Phase of the U.S.-Japan 
Cooperative Earthquake Research Program Utilizing Large-Scale Testing 
Facilities, testing of a six-story two-bay steel building structure with composite 
slab(Fig. 2.1) were recently completed in Japan. This structure is referred to as 
the Prototype Structure. This structure, which was designed to satisfy the 
requirements of both the 1979 Uniform Building Code(UBC) [76] and the 1981 
Japanese Building Code, has a dual system. The two identical exterior 
frames(frame A and C)(Fig. 2.1b) were moment frames with one column(column 
C1) in each frame oriented for weak-axis bending, and the interior frame(frame 
B) was a braced frame with K-bracing in one of the bays(Fig. 2.1c). Two types 
of K-bracing systems, the concentric K and the eccentric K, were installed in 
different stages of testing. The floor system consisted of cold-formed metal 
decking and cast-in-place light weight concrete, and acted compositely with steel 
beams. Headed shear studs were used to provide the connection between the 
floor system and the floor beams. 
The material specified for the standard rolled structural W-shapes used in 
the prototype structure was U.S. Grade A36(Fy = 36 ksi(250 MPa)) and the 
bracing members were cold formed square or rectangular tubes of ASTM A 500 
B material with a specified minimum yield stress of 42 ksi(290 MPa). 
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The design criteria and the results of preliminary analysis of the structure 
have been reported in detail in Ref. [12] and the structural details in Ref. [36]. 
2.2 Components of Story Drift 
For a building structure subjected to lateral or seismic loadings, the story 
shear force versus story drift behavior is of primary interest. Fig. 2.2 shows the 
components of the total drift of a story subassemblage of a moment frame. The 
total drift can be separated into three components: column component, beam 
component and panel zone component. 
where 
where 
total story drift of a story subassemblage 
t!.. story drift component caused by bending and 
c 
shear deformation of columns. 
t!..b story drift component caused by bending and 
shear deformation of beams. 
t!.. story drift component caused by panel zone distortion( 7 ). p p 
The contribution of the distortion, 7 , is expressed as p 
lengths of the upper and lower columns from the 
midheight line of beam to the contraflexural point. 
lengths of the right and left beams from the center 
line of the column to the contraflexural point. 
depths of the column and beam, respectively. 
(2.1) 
(2.2) 
It is therefore necessary to evaluate each component separately to compute the 
overal stiffness of a story. 
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2.3 Description of Test Joint Specimens 
Three test specimens(Figs. 2.3 to 2.5) were selected from the 3rd floor level 
of the prototype structure. Each specimen was chosen to be a different type of 
joint and a representative of the portion of prototype where most significant 
inelastic deformation was expected to occur as studied in the preliminary analysis 
report [12]. In addition to this restriction, the complexity of behavior of 
composite beam-to-column joints led choice of specimens to simple models as 
follows; 
(1) Exterior Joint-Flange Connection(EJ-FC) 
(2) Interior Joint-Flange Connection(IJ-FC) 
(3) Exterior Joint- Web Connection(EJ-WC) 
The locations of the selected specimens m the prototype are illustrated in Figs. 
2.1b and 2.1c. EJ and IJ designate exterior joint and interior joint respectively, 
and FC and WC indicate whether beam is connected to flange or web of 
column. 
Dimensions of three test speCimens are shown in elevation view m Figs. 2.3 
to 2.5. The height of column (134 inches = 3400 mm) between hinges at the 
top and the bottom represents exactly the story height of the prototype 
structure. This selection was made assuming that the point of contraflexure was 
at the mid-height of each story. The length of beams was determined to be 90 
inches(2300 mm) from the point of load application to the center line of column. 
This dimension was convenient with regard to the layout of dynamic testing bed 
of Fritz Engineering Laboratory, and was restricted by the capacity of 
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mechanical jacks in strength and stroke. The width of slab was 48 inches(1200 
mm) considering testing constraints. The effective slab widths of composite 
beams in the exterior and interior frames of prototype structure are 30.6 
inches(777 mm) and 73.75 inches(1873 mm), respectively, according to AISC 
Design Specification [3]. Two stub beams were runmng in the transverse 
direction to simulate the transverse beams of prototype structure. The 
transverse beams were extended to the edge of concrete slab and only the web of 
steel beam was bolted to the column(simple shear connection). 
All the other properties of prototype structure were simulated m the joint 
specimens. The material properties of steel W -flange sections and concrete are 
listed in Tables 2.1 to 2.2. The metal deck is 3"-QL-99-16, of which dimensions 
are shown in Fig. 2.6. The slab was reinforced at the level of 1.2 inches(30 
mm) below the top surface of concrete using 44-44 welded smooth wire fabric of 
the specified yield strength, fyr' of 60 ksi(410 MPa)(Fig. 2.7). To simulate the 
deformed bar used in prototype, sand was glued to the surface of wire. Two 5.1 
inches(130 mm) long and 7/8 inches(22.2 mm) in diameter headed shear studs in 
each rib were welded through metal deck to steel beam. 
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2.4 Test Setup and Procedure 
2.4.1 Test Setup 
An experimental setup was designed and built on the dynamic bed in Fritz 
Engineering Laboratory. General features of test setup are illustrated in Fig. 
2.8. Basically, the setup consisted of a test frame assemblage, loading devices 
and data acquisition equipments. 
The test frame was assembled of rolled W-flange section columns and 
beams to provide a sufficient rigid support for the test specimen. Two heavy 
beams were placed at the top of the specimen and diagonal braces were used to 
reduce the lateral translation of the top of a specimen. The top and bottom of 
the column of the test specimen were hinged to simulate the boundary conditions 
at the contraflexural points, assumed to be at the mid-height of the columns. 
A displacement-controlled loading was applied at the end of each composite 
beam to simulate the action of an assemblage as a part of structure under 
lateral loading. Displacement-controlled method, which has advantages when a 
specimen deforms beyond the elastic limit, was used. Vertical displacements 
were applied by mechanical jacks attached to supporting pedestals and connected 
to the ends of composite beam through load cells. The maximum stroke of the 
mechanical jacks was 12 inches(300 mm) in each direction, and the capacity was 
44 kips(200 kN). 
A data acquisition system, B & F, was used to collect data from the 
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electrical instruments. The data were then recorded on paper tapes of a teletype 
and transferred to the mini-computer, MINC, which can plot important 
information on X-Y plotter. 
2.4.2 Loading Program 
Vertical cyclic displacements usmg a mechanical jack at the end of each 
composite beam were applied in quasi-static manner. The zero displacement 
position of a test specimen was taken as the point of initial deflection and initial 
moment due to self-weight. The initial deflection at the loading point due to 
self-weight was estimated to be 0.003 inches(0.076 mm), which is negligible. 
Fig. 2.9 shows the loading history applied to each assemblage. The peak 
point in each direction will be noted as LP n+ or LP n· (LP=Load Point). The 
effect of the incremented cyclic displacements can be such as to cause problems 
of incremental collapse in an assemblage. This loading program was decided 
following a procedure shown m ref. [59]. Fig. 2.10 explains the basic 
characterics; P + and P - in each direction are determined by intersecting of two y y 
tangents of the predicted monotonic load-deformation curve. One is the tangent 
at the origin, K , and the other tangent has a slope 
0 KofiO. And the 
corresponding ~/ and ~Y· are defined. The smaller of ~Y + and ~Y-, designated 
~Y' was used as reference for the loading program. At the beginning, ~/5 
increments were used, with 3 cycles at each level. After the first 15 cycles, the 
displacement was incremented in steps of ~ . This procedure is repeated until y 
the test stops due to a failure. For the specimen IJ-FC, the same displacement 
was applied at the ends of both beams. 
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2.4.3 Instrumentation 
The instrumentation of the specimens was designed to check the applied 
loads, to determine reactions at the supports, and to determine deformation and 
internal stress distribution of the specimens. Fig. 2.11 show the instrumentation 
of specimen EJ-FC. The instrumentation of the other specimens are designed 
similarly. 
The applied displacements were controlled by a dial gage, and the 
corresponding loads were measured using precalibrated load cells. Dial gages 
were installed at the four corners of the panel zone to measure vertical and 
horizontal displacements of those points. These readings were used for the 
information on shear deformation behavior of the panel zone. The translations of 
the upper and the lower hinges, which occur due to non-rigid testing frames, 
were measured with dial gages. 
Single strain gages were placed on the steel beams and columns. Readings 
from the strain gages mounted on the column flanges were used to calculate 
moments of the columns and then shear stress resultants of the columns, which 
are the reactions at both ends. The beam was gaged at the section between 
shear connectors to minimize the influence of the concentrated force on strain 
readings. 
Two eletrical clip gages and four electrical rotational gages were attached 
to measure the relative slip between concrete slab and steel beam and to 
measure the rotation of the steel beam, respectively. Also, a mechanical 
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rotational gage was welded to the end of beam to measure the rotation at the 
point. 
2.5 Test Results 
2.5.1 General 
In this section experimental data obtained from the tests on three joint 
specimens are presented in tables and figures. The behavior of each structural 
element observed during the tests and its effect on the overall force-deflection 
relation of the test specimens is described. Also, the failure modes are discussed. 
The loads and the corresponding deformations at the peak points of the 
first cycle at each level of the applied displacement are listed in Tables 2.3 to 
2.5. The cyclic force-deformation relationships are plotted in Figs. 2.12 to 2.20. 
The numbers at the peaks indicate the cycle numbers as shown in Fig. 2.9. The 
major hysteresis diagrams, characterizing the overall behavior of joints and the 
behavior of its components are presented as follows: 
P-Ll t Hysteresis diagram of the overall behavior of joint 
P-eb Hysteresis diagram of composite beam rotation 
P-, p Hysteresis diagram of panel zone distortion 
P-Ll Hysteresis 
c 
diagram of column component of the total deflection 
where P is the applied load, .ilt is the total deflection of the specimen, eb is the 
rotation of the composite beam, 1 is the average shear distortion of the panel p 
zone, and Ll is the column component of the total deflection. 
c 
The diagrams and tables are prepared directly from the test results for the 
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purpose of ease interpretation of data. They can be trasformed into a relatively 
known form of diagram like moment at the connection(Mb) versus rotation(eb) 
for the composite beam and total moment exerted to panel zone( t.M) versus 
distortion( 1 ) for the panel zone. p Since the column was designed to remam 
elastic, its behavior is not described in detail. 
2.5.2 Joint EJ-FC 
Specimen EJ-FC was a typical type of exterior joint which had two 
distinct deformation characteristics under positive and negative loadings, and it 
was therefore expected that the effects of composite slab on the overall deflection 
of a joint and on the behavior of each structural element could be seperated 
clearly from the experimental results. Three force-deformation hysteresis 
diagrams are presented in Figs. 2.12 to 2.14. A total number of 28 incremental 
cycles were applied. Fig. 2.12 shows load(P) - total deflection( t.t) cyclic curves. 
As shown in Fig. 2.12, the first fifteen cycles of loading were designed such as 
to keep the specimen stressed in the elastic range, and incremented by t. /5, y 
with three cycles at the same amplitude. After that, a displacement increment 
of t. was applied for each three cycles until a fracture was developed at the y 
beam flange. 
This specimen produced deformation characteristics of a composite 
beam-to-column joint in that (1) the stiffness and the strength were remarkably 
increased when it was subjected to positive loadings, (2) the hysteresis loops 
were very stable but with pinching due to concrete cracks opening and closing 
and (3) the deformability of the joint was very good even though concrete 
crushing was observed at large deflections. 
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The observations made during the test(see Table 2.3) are summarized as 
follows: 
Up to 12th 
at w+ 
at 10· 
At 13+ 
At 13· 
At 16. 
At 25+ 
cycle - Elastic range 
Beam lower flange started to yield. 
(the measured stress u=0.71u ). y 
Web panel started to yield (the measured shear stress r=0.8r y 
at the level of midheight. Residual stresses are responsible. 
No significant change in stiffness was observed. 
1/2 of web panel yielded. 
Almost complete yielding( 4/5) of web panel. 
Complete yielding of web panel. 
Beam lower flange yielded. 
Concrete crack along the steel beam. 
Slip of the beam connection bolts was visible. 
Column flanges at the level of lower flange of beam yielded. 
A plastic mechanism of column flange around web panel was 
formed under negative loading. 
Concrete crushing. 
A plastic mechanism of column flanges around web panel was 
formed under positive loading. 
Local buckling of beam flange. 
Fracture of beam flange. 
Figs. 2.13 and 2.14 were plotted for the two deflection components, composite 
beam and panel zone components. A comparison of Figs. 2.12, 2.13 and 2.14 
shows that the panel zone was the weakest element of the specimen EJ-FC and 
therefore the panel zone deformation was dominant. The overall behavior of the 
spectmen showed a clear decrease in its stiffness when the web panel yielded 
completely after the 13th loading cycle. However, as the displacement-controlled 
loads were increased, the specimen exhibited a high reserve strength beyond the 
yielding of web panel and the ultimate strength was limited by the strength of 
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composite beam. Larger participation of the composite beam in the total 
deflection was observed, when the speCimen underwent large inelastic deflection 
especially under negative loading. 
The overall behavior of a speCimen may be described by its skeleton curve 
which connects the peak points at each level of displacement. Under positive 
loadings, Fig. 2.12 shows three distinct zones of force-deflection relationship. 
The elastic limit was observed at the load of about 120 kN( LP 13+) by a 
sharp drop in its stiffness, and the overall strength was reached at LP 19+ 
where the connection of composite beam was observed to have fully yielded. 
Between LP 13+ and 19+ it can be considered as a transition deformation range 
where the shear yielding in web panel propagated into the corners, the column 
flanges around panel zone formed a plastic mechanism, and composite beam 
showed propagation of yielding into the whole steel beam and initiation of 
concrete crushing. Beyond LP 19+, it can be considered as strain hardening 
range, because the composite beam and the composite beam-to-column joint panel 
zone are believed to undergo their strain hardening range. 
Under negative loading, the general behavior of joint and the sequence of 
yieldings in its components are very similar to those under positive loadings. 
Strain-hardening stiffness was larger than that under positive loading. Smaller 
strain hardening stiffness under positive loadings might be due to the effect of 
stiffness deterioration of concrete under cyclic loading. 
The panel zone underwent very large shear distortion(Fig. 2.14), but it did 
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not buckle. As the deformation increased cyclically, the yielding surface in shear 
grew larger. The strain hardening rule seemed to be between isotropic and 
kinematic hardening. During negative loadings of 25th and 26th cycles, buckling 
of the lower flange of the steel beam was observed, because of large accumulated 
plastic deformation and relatively large cope size. It was repaired after LP 27+, 
resulting in an increase of strength in LP 27". 
2.5.3 Joint IJ-FC 
This specimen IS a typical interior moment joint of steel structure with 
composite slab. When the joint is subjected to seismic loadings, the moment at 
one side will be positive and that at the other side will be negative. The 
interaction between the panel zone and the two composite beams as well as the 
properties of the three structural elements are essential information for the 
understanding of the seismic behavior of such an interior joint of which the 
column remains elastic. In this test, same amplitudes of displacements were 
applied at both ends, and the difference in the applied loads P 1 and P 2 reflected 
the different stiffnesses of the composite beam under positive and negative 
moments. 
A total of 37 cycles, the first fifteen cycles in the elastic deformation range 
and the remainder in the inelastic deformation, were applied as in the same 
manner as that for the specimen EJ-FC. Fig. 2.15 shows the cyclic curves of 
the overall behavior of joint IJ-FC, namely, the total load(P 1 +P 2) applied at 
both ends of beams versus the deflection at one end which was the same as that 
at the other end. Fig. 2.16 was plotted for the panel zone distortion(IP) versus 
the total load. The sign convention for loads is shown at Fig. 2.4. 
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The observed behavior {see Table 2.4) are summarized as follows; 
At 13th cycle 
At 16th cycle 
At 19th cycle 
At 34th cycle 
About one third(1/3) area of web panel yielded. 
Complete yielding of web panel at about 135 kn. 
Column flanges surrounding web panel, started to yield 
at 16th, completed a mechanism with four plastic hinges 
at the levels of steel beam flanges. 
A crack developed at the lower flange of west side beam. 
The panel zone is the weakest element in this speCimen for the se1sm1c action, 
and the other two elements remained elastic throughout the testing(the panel 
zone IS not the weakest element for gravity loads). Therefore, the overall 
deflection of the joint was dominated by the shear distortion of panel zone and 
the hysteresis loops of total load vs. deflection load exhibited the same 
characteristics as those of the panel zone behavior as follows; 
• The hysteresis loops of the panel zone and the joint specimen were stable 
and repetitive at the same level of deflection. 
• Panel zone and joint exhibited very high reserve strength beyond the elastic 
limit. 
• Ductility was very good. 
• Pinching of hysteresis loops was less visible than that in the specimen 
EJ-FC, because of less contribution of the composite slab on the overall 
deformation of panel zone. 
The test was stopped at a total displacement of 6.0 inches(150 mm). A 
penny shape of crack was developed at the lower flange of the west side beam 
near the cope. This local area was stressed into the inelastic range due to 
residual stress and stress concentration which was noticed by flaking off 
white-wash. The same type of crack in the tension flange was also observed in 
Ref. [32]. 
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2.5.4 Joint EJ-WC 
The column of this specimen IS oriented for weak-axis bending. If the 
strong column-weak beam design approach is used for the seismic design of 
building structures, the column and the panel zone of web-oriented joint are not 
likely to deform into the inelastic range, and the ductility demand in its 
composite beam becomes very high. It is known that the ductility capacity of 
beam-to-column web moment connection is not higher than flange moment 
connection [29]. The details of specimen EJ-we are considered to be typical for 
web moment connections. 
A total of 22 cycles of loadings were applied. Hysteresis diagram of the 
overall behavior of joint EJ-we, load P vs. deflection bot, is given in Fig. 
2.17(see Table 2.5). Fig. 2.18 to 2.20 show the three deflection components. The 
beam component dominated the overall behavior and the other two elements 
exhibited a little amount of yielding under positive loadings when the composite 
beam underwent large inelastic deformation. 
The specimen initially exhibited a very linear elastic P-b.t behavior up to 
the 15th cycle and the yielding of composite beam caused a reduction of the 
overall tangent stiffness at higher load levels. As the loads increased, the lower 
flange of beam buckled near LP 19·, and the buckling caused an unstable 
hysteresis loop and a drop in strength under negative loading. The ultimate 
strength of the specimen was believed to be reached at the 19th cycle, because 
the steel column exhibited its predicted strength at LP 19+ and the predicted 
negative plastic moment of beam, M · was attained at LP 19-. After the 19th p 
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cycle, the lower flange of composite beam underwent very severe buckling which 
resulted in stop of the test at the 21st cycle. The 22nd cycle was applied after 
a quick repairment was made at the fractured flange of beam. 
2.6 Failure Modes 
Figures 2.21a to 2.21c show the failure modes of the test specimens. The 
penny-shaped crack was initiated at the lower flange of the composite beam 
under tensile stress. The primary cause of the crack seemed to be the cope 
shape, although the size looked larger than the practical size. The size and 
shape of the cope was the exact replicas of the prototype. The sudden 
transition of the configuration produced the higher stress concentration at the 
middle of the tension flange where residual stress exists. The test on the 
specimen EJ-FC was completed without changing the cope shape. When the 
specimen was subjected to negative loading (LP 25"), the lower flange showed a 
little buckling. And the flange showed a crack under the following positive 
loadings. Two small plates were welded parallel to the flange after LP 26. and 
the test was continued. The same type of cracking occurred at the upper flange 
at LP 27" and finally the test stopped due to facture at the flange. For the 
test on the specimen IJ-FC, the cope was burned out as shown in Figure 2.21b 
to give smooth transition of the shape. No buckling at the flanges of beam was 
noticed, but a crack, of which cause is probably low-cycle high-stress fatigue, 
developed in the tensile flange. For the last specimen EJ- WC, the cope was 
very smoothly grinded out in the transition zone. The failure mode was 
different. Severe local buckling was observed in the compression flange after LP 
19·. The buckling shape was stretched under the subsequent tensile stress, but 
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not completely. The relatively flexible horizontal stiffener of the column (The 
beam flanges of the speCimens EJ-FC and IJ-FC were directly welded to the 
column flange which is relatively rigid) might accelerate the buckling of the 
compressive flange, because of larger effective buckling length. Then near LP 
23+ the fracture of the flange occurred under higher tensile stress. 
2. 7 Discussion of Results 
2. 7.1 Predicted vs. Experimental 
Figures 2.22 to 2.24 were plotted to compare the test results with the 
predicted monotonic curves. Tables 2.6 and 2. 7 summarized the comparison of 
the stiffnesses and the strengthes of component elements between the 
experimentally obtained values and the predicted. The experimental skeleton 
curve was obtained by connecting the peak points of the first cycles at each 
level of displacement amplitude. 
The assumptions made m the predictions are; 
(1) Composite Beam 
• Effective width of composite slab is one-quarter of beam length(L/4) 
• Full composite action between concrete slab and steel beam is assumed. 
• Compressive strength of concrete against column flange is 1.3Pc, where Pc 
is the compressive strength of concrete cylinder(Ref. [32]). 
• Beam bending theory including shear deformation is used. 
• Shear force is resisted by only the web of steel beam. 
• Concrete tensile strength is neglected. 
• No strain-hardening is assumed. 
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(2) Panel Zone 
• Krawinkler's trilinear model is used(model 3 m Ref. [48]). 
• Panel Zone is bounded by BP X Db. 
where BP is column depth between flange centerlines. 
Db is steel beam depth between flange centerlines 
under negative moment and increased as shown m Fig. 
2.25 for positive moment. 
• Uniform distribution of shear stress in the column web depth. 
• von Mises yielding criterion. 
(3) Column 
• Beam bending theory including shear deformation. 
• No strain-hardening. 
• Axial Stress is neglected. 
The no strain-hardening assumption for beam and column made above 
results in a perfect plastic hinge formation beyond elastic range. For the panel 
zone, Krawinkler's model assumes that the column flanges in panel zone deform 
elastically after the general yielding of web panel and determine the post-elastic 
stiffness(the 2nd slope). The column flanges around web panel will be referred to 
as "Boundary Frames" hereafter. 
Comparison of the overall behavior of the three specimens as well as the 
behavior of the structural elements between the predicted and the experimental 
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results exhibited two distinct features. When a specimen was subjected to a 
loading which caused tensile stress in the slab, the predicted results agree quite 
favorably with the experimental results. However, when a loading causing 
compressive stress in the slab was applied, the comparison was not in good 
agreement. Details of the comparison for each specimen are summarized 
below. (The details for the structural elements will be discussed in the following 
sections.) 
Specimen EJ-FC, Fig. 2.22 
The overall behavior under negative loading iS m good agreement with the 
predicted. Under positive loading, yielding of the web panel and the boundary 
frame occurred at higher loads than predicted, but the ultimate strength of 
composite beam at the connection was lower. In the post-elastic range, the 
experimental strengthes were higher by maximum 37 % than the predicted. The 
causes of discrepancies could be expained as follows; 
• The bolted web connection was properly designed according to AISC 
Specifications for the total design shear force under gravity and earthquake 
loadings, but the capacity of the connection in shear was only 50 % of 
that of the web of the steel beam . The effect of such an underdesigned 
web connection on the estimation of plastic moment, M t 1, of steel p,s ee 
beam-column connection can often be neglected because of strain-hardening 
effect. However, the web connection caused a significant reduction of 
composite beam strength under positive moment. 
• Effect of composite slab on the yield strength and the post-yield stiffness of 
composite beam-to-column panel zone was higher than the predicted. 
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Specimen IJ-FC, Fig. 2.23 : 
As observed m the experiment, the overall deflection of this specimen was 
controlled by the shear deformation of panel zone. The experimental strength 
was higher than the predicted strength after the panel zone yielded. This 
difference in strength was mainly caused by the effect of composite slab on the 
panel zone yield strength, but also the possibility of strain-hardening effect in the 
post-yield stiffness of panel zone should be considered. 
Specimen EJ-WC, Fig. 2.24 : 
The overall behavior was in good agreement under both positive and negative 
loadings before the flange buckling of beam occurred. The predicted stiffness 
was in excellent agreement with the experimental and the predicted strengths 
were attained. The reasons are; 
• Column and panel zone remained elastic even at the large deflection of the 
assemblage. 
• The strength of specimen EJ-FC was determined by the negative plastic 
moment of beam and the column plastic moment for positive loading on 
which the effect of composite slab was insignificant. 
The discrepancies as mentioned above clearly points out the necessity to 
investigate the effect of composite slab on (i) the stiffness and the strength of 
composite beam and (ii) the stiffness and the strength of composite 
beam-to-column panel zone. The details are given in the following sections. 
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2. 7.2 Behavior of Shear Studs 
When a composite beam is designed for full composite action, it is assumed 
that slip is everywhere zero. But the results of push out tests shows that even 
at the smallest loads slip is not zero. It is therefore necessary to know how the 
behavior of a beam is modified by the presence of slip. 
Many investigators [22] have studied force-slip behavior of shear studs by 
doing extensive statical push-out or pull-out tests. The following is tbe well 
known equation derived by Ollgaard for composite beam with solid slab. [54] 
where Q 
Qsol 
s 
A 
s 
Q = Q (1 _ e·l8s)0.4 
sol 
shear force of a stud in kips. 
maximum strength of a stud in kips. 
1.103 A r 0·3 E 0.44 for solid slab 
s c c 
slip in inches. 
area of a stud. 
(2.3) 
(2.4) 
More recently, Grant et al [40] modified the Equation (2.4) for shear 
capacity of shear stud embedded in a composite beam with formed metal deck 
which runs m the perpendicular direction to steel beam. In the new formula, 
they expressed the capacity of a shear stud, Q "b' considering the metal deck rib 
rl 
dimensions and shear stud heigbt as 
0.85 H-h w 
Qrib = VN(-h-)(h)Q sol::; Q sol 
where N 
H 
h 
w 
No. of studs per rib 
Height of stud 
height of rib 
average width of rib 
(2.5) 
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and the force-slip relationship of the stud IS obtained by replacing Q 1 m so 
Eq.(2.3) with Qrib" 
However, little information on the cyclic behavior of shear studs IS 
available. In Refs. [5] and [4], cyclic push-out tests on shear studs embedded m 
solid slab and embedded in slab with metal deck were carried out, and it was 
suggested that the stiffness and the capacity of shear studs under load reversals 
need to be reduced to 70% of those under monotonic loading. 
Fig. 2.26 shows the cyclic force-slip behavior of shear studs obtained from 
the test on specimen EJ-FC and the curve expressed by Eq. 2.3 with Q•·ib" The 
cyclic forces were computed from the strain gage readings mounted on the steel 
beam, and the cyclic slips were measured by electrical slip gages. The 
stiffness( the dashed line B) and strength under cyclic loading were less than 50 
% of those given in equations. 
It is also noted from the test results that the behavior of shear studs 
under cyclic loading may be represented by a bi-linear model when the slab IS m 
compressiOn. When the slab is in tension, the force in shear studs was very 
small and never reached yielding. The lightly reinforced slab is responsible for 
this behavior. 
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2.7.3 Effect of Slab on Composite Beam 
Stiffness : 
Parameters affecting the stiffness of composite beams include effective width 
of the slab, flexibility of shear studs, shrinkage gap at the column face, and the 
properties of concrete slab and steel beam. Among these, the effect of shrinkage 
gap was reported to be difficult to determine, but can be reduced by properly 
designed joint detail. The presence of transverse beams at the joint is believed 
to reduce substantially the effect of shrinkage gap under cyclic loadings. 
Figs. 2.27 and 2.28 show the companson of the experimental and predicted 
behaviors of composite beams EJ-FC and EJ- WC. The experimental elastic 
stiffnesses under negative moment were higher than the predicted values, based 
on 1· for the steel beam plus reinforcing steel within an effective width of 
comp 
L/4. The differences were 13.6 % and 10.3 %, respectively(Table 2.7). These 
small differences indicate that lightly reinforced composite slab may be 
conservatively neglected. Under positive moment, the experimental stiffnesses 
were 106% to 135% of the theoretical stiffnesses of bare steel beams, but only 
74% to 85% of the values calculated for fully composite sections with an 
effective width of the slab equal to one-quarter of beam length(L/4). Parameters 
affecting the effective width are discussed in chapter 4. 
Strength : 
Two questions anse m the estimation of plastic moment strength of composite 
beam connection; (i) effectiveness of concrete slab and (ii) effectiveness of web of 
steel beam. An experimental and analytical investigation has been reported with 
regard to the first question [31, 32, 25], suggesting that a lower bound for 
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plastic positive moment can be obtained with the assumption of 1.3Pc for 
concrete compressive strength. The enhancement of concrete compressive 
strength was justified by the confinement of concrete adjacent to column. 
Bolted-web connection of bare steel beam is commonly designed for the 
maximum design shear force and this design may lead to an underestimation of 
web capacity for the plastic moment of connection. But it is assumed that the 
full plastic moment of this connection can be attained due to strain-hardening 
effect of steel material. 
The test results under negative loading proved the assumption. The 
negative moment strength of composite beams from the experiments were 10.6% 
to 7.5% higher than the plastic moment of bare steel beam, M t 1, even though p,s ee 
the underdesigned bolt capacity reduced the theoretical plastic moment of beam 
section W18x35 by 18%. In this comparison, the reinforcement was neglected 
because of the unanchored end. For the positive plastic moment estimation, 
concrete strength of 1.3Pc was assumed to be valid. Then, the estimated full 
plastic moments were 4419.3 kip-in(505.1 kN-M) for beam EJ-FC and 4942.0 
kip-in(564.9 kN-M) for EJ-WC, which were higher by 21% to 32% than the 
experimentally obtained strength. These discrepancies, however, reduced to 
within 2.0% when the ultimate strength of bolts in shear used in the tests was 
taken into consideration for the estimation of plastic moments of composite beam 
connections. 
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2.7.4 Effect of Slab on Panel Zone Behavior 
Behavior of panel zone of steel beam-to-column joint including boundary 
frame has been investigated experimentally and analytically, but the cyclic 
behavior IS not yet fully understood. In this section, the strength, the stiffness 
and the post-yield behavior of composite beam-to-column joint panel zone are 
discussed with emphasis on the effect of composite slab. 
Elastic Stiffness : 
Shear force in the panel zone(V ) induced by the beam moments IS p 
M\ Arb 
V =-+--V 
P n+ n- c 
b b 
(2.6) 
Elastic stiffness of panel zone IS defined in terms of moments exerted to the 
panel zone, LlM, and the average shear distortion, 1 , as, p 
LlM 
K =-(1-p) 
e I p 
where p beneficial effect of shear force m column. 
vc Db I LlM 
(2.7) 
and the beam moment, Mb, is replaced by two forces, Q=Mb/Db, acting 
oppositely as indicated in Fig. 2.29. For bare steel beam, Db becomes the depth 
between the centerlines of upper and lower flanges, db. 
For composite beam-to-column joints, effect of composite slab increases the 
stiffness of panel zone, simply because of enlarged panel zone for the same 
moment, LlM. The comparison of stiffnesses of panel zone obtained from 
specimen EJ-FC under negative moment and positive moment exhibited well this 
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behavior(Fig. 2.30). If the same assumption of two equal, but oppositely acting 
forces, q+, is used for composite positive moment, the force is expressed as 
(2.8) 
where Db+ = equivalent enlarged force depth for the composite positive moment. 
From the experimental stiffnesses of the panel zone of specimen EJ-FC under 
positive moment(see Table 2. 7) and q+ calculated from Eq.(2.6), Db+ was found 
to be increased by 28.9% over the depth of bare steel beam, db. The depth, 
Db+ is close to the depth between the centerlines of concrete slab and lower 
flange of steel beam. 
The depths db and Db+ were used to check the test result of specimen 
IJ-FC. The experimental stiffness was higher by 7.6% than the computed. A 
part of discrepancy might be due to contribution of slab reinforcement under 
negative moment in the interior joint which was larger than that in the exterior 
joint EJ-FC and increased the stiffness of panel zone. 
General Strength 
Using von Mises Yield Criterion, the general yield shear strength of panel zone, 
if the boundary frame is neglected, is defined as 
(J 
V =~A 
y J3 w (2.9) 
where A 
w 
column panel zone area for shear 
t (d -t f) 
w c c 
With the values of db and Db+ obtained earlier for the calculation of q+ and 
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q-, the computed general yield strengths were compared with the experimental 
results. The computed strengths of specimen EJ-FC under positive and negative 
loading are higher by 8.0% and 12.5% respectively and that of specimen IJ-FC 
was higher by 9.4%(see Table 2.6). Two remarks are drawn; 
• The general yield strength in shear of composite beam-to-column joint panel 
zone under positive moment is increased by the ratio of Db+ to db. 
• Residual stresses due to welding of web plates and horizontal stiffeners m 
the transverse direction are believed to be responsible for the decrease m 
yield strength by about 10%. 
Post-Yield Behavior : 
It is known that panel zone has very high reserve strength beyond general 
yielding. The post-yield behavior of panel zone and boundary frame observed 
during the tests are summarized as follows; 
• A plastic hinge mechanism was gradually formed at the column flanges at 
the levels just below the upper beam flange and above the lower beam 
flange during the relatively large deformation (1.5% to 2.0%).(Fig. 2.31) 
• The formation of the plastic mechanism caused a significant decrease of the 
stiffness of the panel zone. 
• The plastic hinges formed at the same position under positive and negative 
loadings(Fig. 2.31). Concrete confined between the column flanges might 
pervent formation of plastic hinges at the level of concrete slab. 
• Composite slab under positive moment caused an mcrease m the strength 
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of panel zone even at very large deformation. Almost constant mcrease 
(37.8% to 43.3%) between 1 and 2.0% was observed in Fig. 2.30. y 
2.7.5 Ductility 
Ductility is the deformability of structure or its structural element into the 
inelastic range without significant loss in strength. In earthquake resistant 
structure, it is necessary to design the elements with sufficient ductility, in order 
to assure the ability to redistribute moments and to absorb and dissipate energy. 
This capability is usually expressed in terms of ductility ratio, 
where 
0 
max 
JL=-0-
y 
0 
0 y 
0 
max 
deformation of structure or its element. 
deformation of structure or its element at yield. 
maximum deformation reached during test. 
(2.10) 
For structures which have two different properties and deformability in 
tension and compression like a composite structure, the ductility definition needs 
to be modified for each direction [59]. Fig. 2.32 shows the definitions of 
ductility used m this investigation for cyclic loading. 
o+ jo + 
max y on the positive side of o 
o /o -
max y on the negative side of o 
where o + and o - are defined as !::J. m Fig. 2.10. y y y 
And the accumulative ductility over cycles IS 
EJL 
E(JL+-1) + E(JL--1) + 1 (2.11) 
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Composite Beam : 
The term rotational ductility, p,1J' IS used to describe the behavior of composite 
beam, 
e+ 1 e + or e· 1 e -
m= y m= y (2.12) 
It is known that the ductility of bare steel beam connection is enough to meet 
the rotational requirement of seismic-resistant structures. Experimental 
studies [32] on composite beam connections showed their ductility ratio. under 
monotonic loading to be about 4.6 to 7.0. This is considered adequate to meet 
the required capacity of connectors corresponding to a story drift of 0.03. 
Information on the ducitility of composite beam connection under cyclic 
loadings is very scarce. The test results from this experimental study exhibited 
accumulative ductility ratios of 15.4 to 19.5 under positive moments and 25.4 to 
30.5 under negative moments. It seemed that these connections have adequate 
ductility. Further experimental studies are needed. 
Panel Zone : 
This element IS very ductile as exhibited m previOus experimental 
studies [53, 48, 70, 35] as well as in this study. Ductility ratios more than 30 
were observed with the resistance of panel zone still increasing. 
Joint Assemblages 
Specimens EJ-FC and IJ-FC deformed to a story drift of at least 0.05 which 
was higher than those anticipated in a severe earthquake. In specimen EJ-WC, 
inelastic deformation was limited to beam and the rotational demand was higher 
than its capacity. Web-oriented composite beam-to-column connections need 
more studies. 40 
2. 7.6 Hysteresis Loops 
A hysteresis diagram of moment-curvature of a composite beam at a 
section near column is presented in Fig. 2.33. The characteristics of this figure 
clearly explain the effect of composite slab on the hysteresis behavior of 
composite beam-to-column joint.(see also Figs. 2.12 to 2.20) 
The stiffness does not vary much if the stresses remam m the elastic range. 
In the inelastic stress, the overall behavior shows the characteristics of both 
concrete beam and steel beam: the deterioration of stiffness under positive 
moment and stable hysteresis loops under negative moment are evident. 
The skeleton curve of moment-curvature relationship(Fig. 2.33) looks to be 
bilinear, and the strain-hardening slope under negative moment is about 3.0% of 
the elastic stiffness and that under positive moment is lower(about 1.0%). After 
inelastic deformation under positive moment, the unloading tangent stiffness is 
initially the same as the elastic positive stiffness, reducing gradually to the 
stiffness of the bare steel beam. The reloading curve in the negative moment 
region shows the Bauschinger effect and finally traces the negative skeleton 
curve. 
When the direction of load IS reversed after negative inelastic deformation 
occurs, the moment IS carried by the bare steel beam combined with the 
reinforcing bars. The reinforcing steels must carry some of the compressive force 
and may yield before the cracks close. When the negative inelastic deformation 
is very large, the steel beam will yield before the concrete cracks close. In this 
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case, the curve is the same as that m the negative moment region. Whenever 
the concrete close its cracks, the flexural stiffness of the section mcreases. 
Particles of concrete which flake off during cracking and small relative shear 
displacement along the cracks cause compressive force to be transferred across 
the cracks gradually. This causes a marked pinching of force-deformation 
hysteresis response. The tangent stiffness finally traces the positive skeleton 
curve. Most of the cracks are observed near the column face of joint. These as 
well as the gap between concrete slab and column flange are reponsible for the 
pinching of hysteresis loops of composite beam-to-column joint panel zone 
response. 
2.7.7 Energy Absorption and Dissipation Capacity 
The true damping characteristics of building structures are very complex 
and difficult to define, and are therefore evaluated directly by experimental 
methods. One type of damping, hysteresis damping, which takes place when a 
structure is subjected to load reversals in the inelastic range, is discussed here. 
As shown in Fig. 2.34, a one cycle hysteresis loop swells outward. Energy 
corresponding to the area of the loop(A-B-C-D) is dissipated in the cycle. This 
dissipation m energy is defined as hysteresis damping, and is commonly modelled 
m practice by an equivalent viscous damping m a linear system as, 
lilW 
~eq = 21T W 
where Ll W dissipated energy per cycle. 
W work done per cycle (il W plus areas ABE and CDF) 
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(2.13) 
Test results of two speCimens EJ-FC and EJ- WC are plotted in Fig. 2.35 
and 2.36. Energy absorbed and dissipated in each cycle is seperated into two 
parts, one in each direction and is plotted with respect to dispacement, b.. The 
results exhibited that composite slab increased its energy capacity by only few 
percents. Pinching of hysteresis loops is responsible for this as indicated in 
section 2.7.6. Energy capacity of many types of steel beam-to-column 
connections are investigated in a report [58]. 
2. 7.8 Effect of Strength Ratio of the Components 
Building structure to resist earthquakes are usually designed by the 
weak-beam strong-column concept which imposes the required rotation capacity of 
plastic hinges in beams as the same magnitude as the story drift. Since the 
composite beams exhibited less rotational capacity than the steel beam from the 
experimental studies and the panel zone had extra strength beyond the elastic 
range, it seems that there is no evident reason why the panel zone must not 
yield prior to yielding of the surrounding beams. 
Figs. 2.37a to 2.37c are presented to show the three deflection components 
of the joint specimens, plotted against the applied load, P. Fig. 2.38 shows the 
total accumulated energy dissipation by hysteresis damping, which is considered 
to be a reasonable index for evaluating structural damage. These figures 
indicate that a design which takes advantage of composite slab for the increase 
of stiffness and strength, and of the ductility and reserved strength of the panel 
zone is desirable for the joint of a building structure with composite slab. 
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2.8 Summary and Remarks 
The experimental work has provided information about the seismic 
characteristics of composite beam-to-column joints under cyclic loadings. The 
results of the experimental study are summarized below. 
1. The stiffness and the strength of headed shear studs embedded in slab with 
metal deck under cyclic loadings are reduced significantly. The test results 
show the reduction to be about 50% of those predicted for monotonic 
loading. 
2. Increases in the stiffness and the strength of composite beam due to 
composite slab are substantial. Effective width of composite slab is about 
one quarter of the beam length(in the positive moment region) which was 
much smaller than that determined for the design of prototype structure, 
and the assumption of concrete compressive strength of 1.3f'c led to a good 
estimate of the composite beam strength at connection. 
3. Contribution of web of steel beam on the strength of composite beam 
under positive moment is substantial, and therefore must be evaluated 
properly. Bolted web connection designed for the total design shear 
force(AISC 1.11.3) is likely to underdesign the web capacity for the plastic 
moment of the composite beam section, especially under positive moment. 
4. Composite beam connection is less ductile than bare steel beam. The 
crushing of concrete and the possibility of early buckling of the lower 
flange are responsible for this. Proper detail of connection is required to 
increase the ductility of the composite beam under cyclic loading. 
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5. Increases in the stiffness and the strength of composite beam-to-column 
joint panel zone due to the effect of composite slab are remarkable. The 
test results from specimen EJ-FC exhibited 29% increase which is about the 
ratio of the depth between ceterlines of composite slab and lower flange of 
steel beam for positive moment to the depth of steel beam for negative 
moment. 
6. The general yield strength of panel zone is lower by 10% than the 
predicted using von Mises Yielding Criterion. Residual stresses due to 
welding is believed to be responsible. However, the panel zone exhibits 
very high reserve strength beyond general yielding (about 70% increase). 
7. Panel zone element is very ductile and there 1s no significant loss in 
strength during cycling. The hysteresis loops are very stable and repetitive 
and provide an excellent energy dissipation mechanism. 
8. The overall hysteresis loops of the composite beam-to-column joint 
spec1mens are stable, but had pinching due to opening and closing of 
concrete crack. 
9. Effect of composite slab on energy absorption and dissipation capacity is 
neglegible. Pinching of hysteresis loops caused the reduction of the 
capacity when the joint was reloaded to cause positive bending. 
10. Specimen IJ-FC had the weakest panel zone and exhibited high ductility 
and high energy capacity, but did not take advantage of the increase in 
strength of composite beam. Specimen EJ-WC had very high ductility 
demand on the composite beam and failed earlier(web connection needs 
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evidently more research). Therefore, to permit inelastic deformation of the 
panel zone by a limited amount, while the column remains elastic (strong 
column-weak beam design approach), is desirable for earthquake design. 
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Chapter 3 
FINITE ELEMENT ANALYSIS 
3.1 General 
Behavior of· a composite beam-to-column joint as part of a steel building 
structure, when it is subjected to wind or seismic loading, is very complex as 
observed from the experimental studies. Effectiveness of reinforced concrete slab 
on the rigidity of composite beam is remarkedly different from that specified in 
the design codes in practice. In fact, the rules in the current AISC Specification 
for calculating the effective slab width of composite beam are believed to have 
been developed for slabs of simple span beams under gravity loading condition. 
The moment transfer from beam to column is influenced by the presence of 
torsional members. Opening and closing of concrete slab cracks, nonlinearity of 
the material beyond the elastic limit, slip across the interface between the 
concrete slab and the steel beam and the interaction between the structural 
elements at the joint further complicate the problem. 
In this chapter, the finite element method is employed to analyze the 
elastic and inelastic behavior of the composite beam-to-column joints tested in 
this investigation, with the purposes of supplementing the experimental results 
and providing more information which will be useful to derive mathematical 
models in the following chapter. Two finite element analysis programs, SAP 
IV [14] and ADINA [1] were used. The SAP IV program has the capacity to 
analyze three-dimensional linear structural systems under static and dynamic 
loading, and the ADINA program 1s a computer program for dynamic 
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incremental analysis of nonlinear systems. With the refined elements available 
for representing steel and concrete, the method of finite elements promises to be 
the most powerful method of obtaining solution, irrespective of the complexity of 
the boundary conditions. 
A two-step analysis approach to represent the joints with interest mainly m 
the overall behavior was used. 
• Three-dimensional elastic analysis of composite beam to determine 
effectiveness of slab. 
• Two-dimensional inelastic analysis of the joint assemblage with interest in 
the effect of slab on composite beams and composite beam-to-column joint 
panel zones. 
3. 2 Material Properties 
3.2.1 Steel 
The stress( u )-strain( E) relationship of steel subjected to monotonic loading is 
well known. It can be represented by a trilinear model; a straight line m the 
elastic, a plastic plateau in the pre-strain hardening and a straight line m the 
strain-hardening range as shown in Fig. 3.l(Curve 82). 
Under cyclically repeated loading, the stress-strain properties of steel 
become quite different from those under monotonic loading. The stress-strain 
characteristics and the Bauschinger effect can best be represented by the 
Ramberg-Osgood model. However, this model is not always convenient to apply. 
The skeleton curve for cyclic loads may be approximated with a suffcient. degree 
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of accuracy for many purposes by a simple bilinear relationship like curve Sl in 
Fig. 3.1. The strain hardening modulus may be taken as 0.025E, where E is the 
elastic modulus. 
The shear stress-strain relatonship( r-7) of steel subjected to large shear 
force like that of panel zone of joints is not well known. Petersson, in Ref. [57], 
investigated monotonic and cyclic shear stress-strain relationship by conducting 
tests of mild steel. The behavior was explained by an equivalent uniaxial 
stress-strain relationship; u eff = Vsr and feff = 7/ J3. Under monotonic loading, 
the stain hardening begins at smaller equivalent strain and the equivalent 
strain-hardening modulus, E h is about 1.4 times the strain hardening modulus 
s ,eq 
of uniaxial stress-strain relationship, Esh" Under cyclic loading, the general 
agreement m the shape of the hysteresis loops between the stress-strain 
relationship and the equivalent stress-strain relationship 1s remarkably good. 
In the elasto-plastic range, the material behavior is described by three more 
material properties in addition to the elastic stress-strain relationship using the 
flow theory: 1) a yielding condition which specifies the state of multi axial stress 
corresponding to the state of plastic flow, 2) a flow rule which relates the plastic 
strain increments to the current stresses and the stress increments subsequent to 
yielding, and 3) a hardening rule which specifies how the yield condition 1s 
modified during plastic flow. In this study, von Mises yielding condition and 
isotropic or kinematic hardening rule were used. 
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3.2.2 Concrete 
Concrete exhibites a complex mechanical response with vanous important 
nonlinearity, namely, nonlinear stress-strain behavior, tensile cracking and creep 
and with compression crushing. All these properties depend strongly on the 
multiaxial state of stress. Curve CI in Fig. 3.1 represents a typical stress-strain 
relationship of concrete cylinder tested monotonically at low strain rate. The 
stress-strain curve is a nearly linear as E up to about 50 percent of the 
c 
maximum compressive strength, r . 
c 
For stresses above this point, the curve 
shows a gradual decreasing slope as it approaches the peak point at r . Beyond 
c 
this point, the stress-strain curve has a descending part until crushing failure 
occurs at the ultimate strain, £ • The descending part is often idealized as a 
u 
straight line. The tensile elastic modulus is same as E until the uniaxial cut-off 
c 
tensile stress is reached. The formulation of the stress-strain relationship has 
been attempted by many investigators, and an excellent summary of these efforts 
was presented by Popovics [62]. 
When concrete IS confined or loaded multiaxially, it shows a different 
behavior. In general, m multiaxial compressiOn state, the maximum strength and 
the deformability of concrete are increased substantially [49]. Under biaxial 
compression, a maximum strength mcrease of approximately 25 percent is 
achieved at the stress ratio of u 1/ u 2=0.5. Further, with small confining stresses 
in the third direction, the strength of concrete is increased extremely high [11]. 
Kupfer and Gerstle [50] and Liu [51] proposed constitutive models for monotonic 
biaxial loading of plain concrete based on their experimental investigation. An 
equivalent stress-strain equation for principal directions for the analysis of 
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concrete subjected to biaxial loading was derived by Darwin [27] utilizing the 
uniaxial stress-strain equation by Saenz [65]. Behavior of concrete subjected to 
cyclic stresses has been studied by several investigators [68, 26, 16]. Stiffness and 
strength of concrete decreases as the number of applied load cycles increases. 
Although a hysteresis loop was observed for each cycle of unloading and 
reloading, it is usually assumed that the unloading and reloading stiffness is the 
same as the initial stiffness. The stress-strain curve for monotonic loading serves 
as a reasonable envelope for the peak values of stress for concrete under cyclic 
loading. 
3.2.3 Shear Force - Slip Relationship of Shear Stud 
Shear force-slip behavior of shear connectors was described m section 2.7.2 
and the experimentally obtained cyclic behavior in the composite beam was 
compared with the available formula(Eq. 2.3}(Fig. 2.26). It was observed that 
load reversals caused a significant reduction of the stiffness and strength of shear 
connector. 
In Fig. 3.1, curve SCI represents the shear force-slip behavior of headed 
shear connector under monotonic loading(Eq. 2.3). With the assumption of small 
slip, a linear shear-slip relationship has been used for the elastic analyses of 
composite beam. In inelastic analyses, the relationship has been represented by 
a smooth parabolic curve, or idealized by a trilinear model [23, 24, 81, 80, 40]. 
The behavior of shear connectors under cyclic loading with high intensity is not 
well understood. A bilinear idealization has been suggested in section 2. 7 .2, with 
the unloading stiffness same as the elastic stiffness. The yielding force, Q , is y 
taken to be a half of the ultimate strength, Qrib'(Eq. 2.5), according to the 
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strength from the experiments m section 2. 7 .2. Since the tensile strength of 
concrete is negligible after a few cracks and the slab is lightly reinforced, the 
effect of the cyclic behavior of shear connectors on the behavior of composite 
beam subjected to negative moment is believed to be insignificant. 
3.3 Three-Dimensional Elastic Analysis 
As observed from the test results, one of the parameters significantly 
affecting the elastic behavior of composite beam IS effectiveness of concrete slab, 
commonly referred to as shear lag. It IS evident that application of a 
mathematical formulation of the problem for an isolated T-beam to the 
composite beam considered in this investigation is difficult, because of its 
complex boundary conditions. The effective width variation along the beam 
under lateral loading condition is investigated using the linear finite element 
analysis program SAP IV. 
3.3.1 Three-Dimensional Idealization 
Fig. 3.2 shows idealization of the composite beam of specimen EJ-FC for 
the purpose of elastic analysis. Only one half of the composite beam is analyzed 
because of symmetry. The slab is represented by a network of thin plate 
elements to produce the flexural and membrane stresses. The thin plate element 
in SAP IV is a four-node quadrilateral element of arbitary geometry formed from 
four compatible triangular elements. The element has six interior degrees of 
freedom which are eliminated at the element level prior to assembly. The 
resulting total degrees of freedom are twenty four per plate element. In order to 
obtain good accuracy, relatively fine mesh IS used after some trials, as shown m 
Fig. 3.2. Plate elements near the steel beam and the column are smaller m 
52 
order to compute the effective width more accurately. The variation of stresses 
the column is more rapid. 
The steel beam is represented by the beam elements to produce its axial, 
flexural, shear and torsional deformations. In the assembly of the composite 
system, the slab, represented by thin plate elements at the mid-surface, is 
attached to the steel beam elements by vertical link beams which enforced the 
eccentricity of the steel beam axis. To simulate the full-composite action, very 
rigid link beams were employed. Finite element analysis of composite beams and 
bridges using similar idealization has been done by Tumminelli and Kostem [75]. 
The numerical results were accurate, monotonically convergent from the stiffer 
side of the experimental behavior. 
3.3.2 Effective Width 
In T-beam theory, the term "effective width" is used to determine the 
effectiveness of slab of T-beam subjected to bending moment. Due to shear 
strain in the plane of slab and due to continuity of slab, the logintudinal 
membrane stress is not uniform across a wide thin concrete slab, but varies as 
in Fig. 3.3. The non-uniform stress pattern is usually assumed to be replaced 
by a rectangular stress block in intensity to the max1mum stress incurred. The 
width is defined by 
(3.1) 
where qx was the logitudinal membrane stresses to be integrated across the 
width of the slab, and the (q ) was the peak value of the stress at the steel 
x max 
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beam. Research based on elastic theory has shown that the ratio B eff/B depends 
in a complex way on the ratio of B to the span L, the type of loading and the 
boundary condition at the support, etc. 
It is clear that the effective width of concrete slab of composite beam 
under the force condition assumed in this investigation is remarkedly different 
from that of an isolated T-beam. Fig. 3.4 shows variation of the analytical 
effective width along the beam of the tested joint EJ-FC. Near column where 
high slab stresses exist, the effective width is rather small. The deflection of the 
cantilever composite beam is close to that computed with the assumption that 
effective width is uniform and about 3/10 of the span L (length of beam 
between maxtmum and zero moments). On the other hand, the maximum 
stresses in the composite beam, obviously in the section adjacent to the column, 
are close to these computed with an effective slab width equal to the column 
flange width. This study will be continued m the next chapter to examine the 
effects of some important parameters. 
3.4 Two-Dimensional Inelastic Analysis 
3.4.1 ADINA Nonlinear Analysis Program 
The finite element program, ADINA, was used to analyze the inelastic 
behavior of the tested spectmens. The program performs an incremental 
nonlinear dynamic analysis of three dimensional structures. It provides 
convenient ways of checking input data and the analysis results. The 
preprocessor, ADINA-IN, generates and plots the input data, so that any mistake 
can be easily detected. The output can be organized graphically by the 
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post-processor, ADINA-PLOT. A large number of analysis options are available 
m the program: 
1. It has capabilities for linear or nonlinear analysis, and the loading can be 
applied statically or dynamically. 
2. Material nonlinearity and kinematic nonlinear effect can be considered 
seperately. The material may be subjected to infinitesimally small strains or 
large strains(larger than 0.2 %). The structure may undergo large or small 
displacement. A different finite element formulation is performed a<:cording 
to the type of problem. 
3. Many material property models are available including elasto-plastic models 
with different yield criteria, concrete type material, a curve description 
model, etc. A truss nonlinear model can be employed to simulate opening 
and closing of gaps. 
4. Iteration may be employed for the solution of nonlinear finite element 
equations. The modified Newton iteration and BFGS matrix update 
method are available. 
5. A save-and-restart option IS available for the excessive computational time. 
3.4.2 2-Dimensional Representation 
Two-dimensional representation of a three dimensional structure reqmres 
many assumptions. Behavoral characteristics in the plane of two-dimensional 
directions considered must be identified from the 3-dimensional behavior. It is 
believed that the composite beam-to-column joint assemblage can be treated as a 
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two-dimensional body with the assumption that mainly the overall behavior of 
composite beam and of composite panel zone is of interest when the joint 
assemblage is loaded 2-dimensionally as in the experimental study. Fig. 3.5 
shows the 2-dimensional discretization of specimen EJ-FC. 
summarized as below: 
The details are 
1. The slab is represented by two-dimensional plane stress concrete elements. 
The original slab thickness remams same, and the width of slab(which is 
the thickness of plane stress elements in Fig. 3.5) is the effective width 
from the 3-dimensional elastic analysis and remains same in the elastic and 
post-elastic range. 
It is known that the concept of effective width is not valid for simply 
supported T-beam when the slab begins to behave inelastically. Tests of 
reinforced concrete T-beams reported in Ref. [19] shows that participation 
of the slab increases with load in the inelastic range, with the full slab 
width becoming effective at the ultimate strength. However, for a 
composite beam-to-column joint, it seemed that the effective width of slab 
which acts compositely with steel beam does not vary significantly both in 
the elastic range and in the inelastic range. A small portion of slab 
adjacent to column face, which is probably limited by the column flange 
width if there is no torsional member, remains effective in the inelastic 
range as well as in the elastic range. The remainder of composite slab is 
likely to remain elastic, because of larger width and smaller bending 
moment. 
2. To simulate the behavior of confined concrete at the section of composite 
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beam near column face, the stress-strain relationship of concrete elements at 
the area is modified as shown in Fig. 3.1(curve C2) to increase the 
strength and the deformability. In this analysis, the concrete strength of 
1.3r was assumed and the corresponding strain was determined to be 1.9f 
c c 
by the procedure suggested in Ref. [27] with the assumption that the 
direction normal to column face is the principal direction of concrete stress. 
f is the strain corresponding to f' under monotonic loading. Concrete 
c c 
model available in ADINA is discussed in the following section. 
3. Effect of transverse beams is neglected, because of their small torsional 
stiffness. The connection to column is bolted web-connection to resist only 
shear. 
4. The webs of steel sections are represented by plane stress elements, and the 
flanges are represented by beam elements or truss elements(the column 
flanges of specimen EJ-WC are idealized by plane stress elements because 
of its orientation). The flanges around the panel zone are idealized by 
beam elements because of the contribution of the rigidity in bending. If 
the flanges do not undergo inelastic deformation, truss elements can be 
used to reduce computation cost. As far as the overall behavior IS 
concerned, it is believed that the effect of these assumptions on the analysis 
results is insignificant. 
5. The shear force-slip behavior of connectors is represented by a assemblage 
of a nonlinear truss element and a linear, but very rigid beam element as 
shown Fig. 3.5. The truss element(A-B) simulates the nonlinear slip across 
the interface between concrete and steel, and the relatively rigid beam links 
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them together. The nodal points A and B have same vertical 
displacements and rotations. 
6. The stress-strain relation of steel and the shear force-slip relation for 
connectors were chosen to simulate the skeleton curves under cyclic loading 
condition. For steel, curve S2 was used and von Mises yield criterion and 
isotropic and kinematic hardening rules were employed. 
shear connectors was used. 
3.4.3 Concrete Model in ADINA 
Curve SC2 for 
The concrete model implemented m ADINA employs several basic features 
to describe the material behavior, namely (i) a nonlinear stress-strain relation 
including strain-softening, (ii) a failure envelope that defines cracking in tension 
and crushing in compression, and (iii) a strategy to model the post-cracking and 
crushing behavior of the material. In the solution, the material is subjected to 
cyclic loading condition. 
The general multiaxial stress-strain relations are derived from a uniaxial 
stress-strain relation. Under multiaxial stress loading condition, the principal 
stresses are calculated and the corresponding tangent modulus is evaluated. The 
material 1s considered isotropic when subjected to tension and low 
compression(about 0.4f'J, but orthotropic under higher compressiOn. For the 
unloading and reloading to the prevwus stress level, the initial Young's modulus 
1s used. 
A failure envelope has been employed to determine whether tensile or 
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crushing failure of the material is occurrmg. Once failure occurs at an element 
integration point, the stiffness associated with the failure is reduced. The 
normal and shear stiffness reduction coeffecients after a tensile cracking are 
suggested as 0.001 and 0.5 in Ref. [15]. When the material softens after the 
maximum stress, the corresponding modulus is assumed to be a small positive 
value to circumvent the difficulty that the stiffness matrix becomes negative. 
But, the actual negative value of Et t IS used for stress calculations. The 
angen 
details of this model are described m Refs. [15] and [2]. 
3.5 Analytical vs. Experimental 
A two-step finite element analysis approach to study the cyclic elastic and 
inelastic behavior of composite beam-to-column joints has been described in 
sections 3.3 and 3.4. In this section, the analytical results are compared with 
the experimental with interest in the overall behavior of composite beam and 
composite beam-to-column panel zone. 
3.5.1 Composite Beam 
Fig. 3.6 shows the analytical and experimental curves of the load(P) vs. 
rotation(eb) of composite beam EJ-FC. First, analyses under monotonic loading 
condition were performed to compare the skeleton curves under positive and 
negative loadings. For cyclic loading, the unloading and reloading analyses were 
continued at eb +=0.0078 and eb·=0.0105 while the analytical data from 
monotonic loading analyses were saved for the restart of analysis, and the results 
were compared with the 22nd cycle experimental curve. 
Overall, the comparisons show an excellent correlation: 
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1. The elastic stiffness and the strength are in very good agreement. 
2. The general shape of the hysteresis loop is similar. 
For the specimens EJ-Fe and EJ-we, the differences between the analytical and 
the experimental results are 0.5% to 10.0% for the elastic stiffness and 0.6% to 
4.0% for the strength(see Table 3.1). Analytical curves for speCimen EJ-We are 
very close to the experimental curve for specimen EJ- We and are not plotted 
here. 
Some discrepancies between the analytical and the experimental cyclic 
curves are observed as follows: 
1. For cyclic loadings, the Baushinger effect of steel beam reduced the tangent 
stiffness during reloading after plastic deformation took place m one 
direction. 
2. The loading surface(flow surface) from the analysis using kinematic 
hardening rule did not reach but was close to the experimental strength of 
beam(about 95% in the negative loading). 
3. The opening and closing of concrete cracks was occurred gradually m the 
test specimens, but suddenly in the 2-dimensional analysis. 
3.5.2 Composite Beam-to-Column Panel Zone 
Finite element analyses of panel zone have been performed by some 
investigators [48, 66, 20, 64] and a study for important parameters governing its 
elastic and inelastic behavior is now m progress at Lehigh University [78]. In 
this section, the behavior of the composite beam-to-column panel zone 1s 
compared with the experimental results. 
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The panel zone of the speCimen EJ-FC has two different characteristics 
when the composite beam to subjected to positive or negative bending moment. 
Under negative moment, the panel zone behaves like steel beam-to-column panel 
zone, but under positive moment, the effect of composite slab was significant. 
Utilizing the enlarged panel zone assumption, the effective depth of Db was 
increased by 29.5% under positive moment(the test results showed 28.9% 
increase). 
Figs. 3. 7 and 3.8 show the overall response in terms of the applied load(P) 
vs. panel zone distortion(-y ) of panel zones of specimens EJ-FC and IJ-FC. The p 
experimental and analytical results are in good agreement except that the general 
yielding from the analyses is higher by 13.0% to 20.0% (Table 3.2). This is due 
to high residual stress in the panel zone because of welding of web plate for the 
transverse beams. This effect has been neglected in the previous experimental 
studies. Therefore, the post-yielding behavior between the experimental and the 
analytical curves exhibited discrepancies during the transition range, but 
eventually traced the skeleton curves after about 1.5% shear deformation. The 
analytical stiffnesses were lower by 17.0% to 24.4% than the experimental 
stiffnesses in this range(Table 3.2). 
Under cyclic loading, the reloading curve( the 20th curve) was compared 
with the analytical curve with two hardening rules( Fig. 3. 7); kinematic hardening 
and isotropic hardening. The experimental curve was between the two analytical 
curves. This is a subject for the future research which may begin using -the 
correct stress-strain relationship for high intensity cyclic shear. 
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3.6 Summary and Remarks 
A two-step analysis approach using finite element programs, ADINA and 
SAP IV, was used to analyze the behavior of composite beams and composite 
beam-to-column panel zones under cyclic loadings. The analyses have provided 
some verifications and comparisons. The results of these comparisons are 
summarized below. 
1. The proposed analyses properly simulated the elastic and the inelastic 
behavior of composite beams and composite beam-to-column panel zones 
when they are subjected to cyclic loadings. 
2. The elastic stiffness and the strength of composite beams could be predicted 
accurately(Table 3.1).(Finite element method provides an upper bound for 
stiffness) 
3. The general yielding strength of panel zone from the analytical studies were 
higher by 13.0% to 20.% than those from the experiments(table 3.2) 
Residual stresses due to welding are believed to be responsible for these. 
4. Because of increase in general yielding strength, the post-elastic stiffness of 
composite beam-to-column panel zone from the analyses were lower by .17% 
to 24.4% than those from the experiments(Table 3.2). 
5. The experimental and analytical hysteresis loops looked alike with 
discrepancies due to difficulties in simulation of 
( 1) three-dimensional concrete slab cracks opening and closing 
(2) Baushinger effect of steel 
(3) hardening rule. 
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6. The reloading curve of composite beam with kinematic hardening rule was 
close to the experimental curve, but the loading surface of panel zone after 
a large inelastic deformation in shear was between kinematic and isotropic 
hardening rules. 
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4.1 General 
Chapter 4 
ANALYTICAL MODELING 
In this chapter, it is attempted to derive mathematical models for 
composite beams and composite beam-to-column joint panel zones. These models 
will be implemented in the two-dimensional inelastic dynamic analysis program, 
DRAIN-2D [44], in the following chapter. 
As evident from the test results and 'from the finite element analyses, the 
presence of concrete slab changes significantly the monotonic and cyclic behavior 
of steel building structures under earthquake-like actions. Under a strong 
earthquake, a building structure is expected to deform into the inelastic range, 
and the inelastic deformations are typically concentrated at certain critical 
regions within the structure. Accurate prediction of the behavior of the 
structure during earthquake excitations depends on the development of reliable 
analytical models representing the hysteresis behavior of these regions. 
The analytical models should therefore take into account the controlling 
states of stress or strain and identify the main parameters which influence the 
hysteresis behavior of the critical regions in order to predict the behavior up to 
failure of any structure during an earthquake. But, in order to be used for the 
analysis of structural systems having many degrees-of-freedom, it is necessary to 
make the models as simple as possible, yet representative of the general behavior 
of the structural elements. 
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4. 2 Review of Analytical :Models 
4.2.1 Steel Beam 
The hysteresis loops of a steel beam are very stable and would repeat 
themselves at the same deformation. If local and lateral instabilities are 
prevented, they can be modelled very simply and accurately. The most accurate 
prediction perhaps is obtained by using the Ramberg-Osgood function [63] to 
define the skeleton curve(Fig. 4.la). It can be augmented for use in hysteretic 
analyses by Masing's hypothesis:a hysteresis curve is obtained by extending the 
skeleton curve so that its abscissa and ordinate are twice the skeleton curve. 
This approach has been used to 
moment-curvature(M-¢) characteristics 
predict the cyclic stress-strain( u-£) 
of steel beams [42, 60, 43], used 
or 
to 
calculate the load-deformation response of a member under cyclic loading. This 
approach, however, is not always convenient to apply, because of the complexity 
of the hystersis law. 
A simple bilinear relationship(Fig. · 4.1 b) may approximate the skeleton 
curve for the moment-curvature relationship(M-¢) with a sufficient degree of 
accuracy. This relationship can then be integrated to obtain the load-deflection 
diagram. The agreement between the calculated and experimental load-deflection 
relationships has been found to be quite satisfactory. If a better agreement is 
desired, a trilinear approximation(Fig. 4.lc) for the moment-curvature relationship 
may be used. 
It Is, however, noted that to obtain accurate results for the first application 
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of a large load causmg inelastic deformation, the established procedures of 
elastic-plastic plateau-strain hardening analysis should be used. 
4.2.2 Concrete Beam 
Several attempts to derive hysteresis models of reinforced concrete beam 
and incorporate them in the nonlinear earthquake response analysis of reinforced 
concrete structures have been reported [18, 21, 73, 61, 56, 6, 41]. Early 
experimental investigations found that the load-deflection relationship of 
reinforced concrete beam was far more complex than the bilinear hysteresis 
relationship [18]. The load-deflection relationship of reinforced concrete member 
is characterized by a continually varying stiffness. Based on test results, Clough 
and Johnston [21] developed a degrading trilinear hysteresis model(Fig. 4.2a). 
Later tests at the University of Illinois by Takeda, et al [73] led to the 
formulation of a seven-condition hysteresis model(Fig. 4.2b). The pnmary 
differences between the two models are the trilinear initial behavior and the 
degrading unloading stiffness. These models have been adopted and modified for 
the analyses of reinforced concrete frames under earthquake loading by many 
investigators [61, 56, 6]. 
A simple model(Fig. 4.2c) was also suggested by lmbeault, et al [41] for 
the analysis of a reinforced concrete structural system having many 
degrees-of-freedom. This model 1s a degrading bilinear model, usmg a 
deteriorated elastic stiffness. The deteriorated stiffness of reinforced concrete 
beams in all the models mentioned above is commonly represented by a function 
of the maximum displacement ductility as 
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where K 
Ko 
Dy 
D 
max 
new stiffness of beam 
primary elastic stiffness of beam 
yield displacement 
maximum displacement m any direction beyond 
yield displacement. 
constant from experiments. 
4.2.3 Steel Beam-to-Column Panel Zone 
(4.1) 
The influence of inelastic shear deformation of beam-to-column panel zone 
on sway behavior of steel frames under earthquake loadings has been recognized, 
and some experimental and analytical studies have been carried out 
[53, 48, 35, 70, 17' 66]. 
Naka, et al [53] showed from the test results that the elastic shear stress 
distribution IS more uniform than the parabolic distribution predicted by the 
elastic theory, and suggested a bilinear model for use m analysis. After the 
average shear stress reaches the yield stress m shear, r , the y response IS 
approximately linear with a reduced slope(about 5% of the elastic slope) over a 
wide range of inelastic deformation. 
Fielding [35] explained the post-elastic behavior by the elastic flexural 
stiffness of column flanges around the panel zone(boundary frame)(Fig. 4.3a). A 
formula in terms of shear force(V ) and the average distortion( 1 ) of panel zone p p 
was developed with the assumption that the shear modulus of the column web 
panel becomes zero and the column flanges bend elastically in resisting the 
additional shear force 
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V 24El f p c 
K -----
inel- I - d 2 
where If 
c 
v p 
p b 
moment of inertia of each column flange 
bcf (tcf)3 / 12 
shear force in panel zone. 
(4.2) 
In 197 4, Krawinkler described the behavior of panel zone by three types of 
trilinear models. The post-elastic behavior in one of them(Fig. 4.3b), developed 
from finite element analysis results, was simulated by the elastic rotational 
stiffness of the column flanges. The rotational stiffness can be determined by 
assuming concentrated elastic springs, one at each corner of the panel zone. The 
spring stiffness is given by 
<I> 
sp (4.3) 
where M = moment in the column flange at each corner 
The second slope, K. 1, is assumed to remain constant until a shear deformation me 
of 47y is attained. After that a strain hardening stiffness, Ksh' is assumed as 
(4.4) 
Even though experimenatal studies have been conducted under load 
reversals, no mathematical modelling has been attempted. 
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4.3 Modeling of Composite Beam 
4.3.1 Restoring Force Characteristics 
Modeling of the force-deformation relationship of composite beams as a 
structural element in a building resisting lateral load is a difficult task. The 
behavior of composte beam connection in the elastic and inelastic ranges IS 
influenced strongly by the stress state of the reinforced concrete slab, which IS 
also heavily dependent of the joint details including the torsional stiffness of the 
transverse beams. Non-uniform effective width variation of slab along the beam 
in the elastic and inelastic range does not warrant the use of a method which 
starts from the stress-strain relation or moment-curvature relation, because the 
effective width changes as the moments in the beam change. Also, behavior of 
shear connectors is not fully understood, especially under cyclic loading. 
However, the results from the experiments and the finite element analyses 
performed in the two previous chapters indicate that it may be possible to use 
two bilinear skeleton models for the moment-rotation relationships of composite 
beams, one for positive moment and the other for negative moment, together 
with a hysteresis law based on a trilinear model and including the effect of 
pinching of the loops. The force characteristics of composite beams and the 
assumptions to be made in analysis are summarized below: 
1. Stiffnesses and yield moments are defined differently m positive and 
negative moments(non-symmetric section, Fig. 4.4) 
2. Equivalent uniform effective width of composite beams may be determined 
by considering the joint details and is assumed to remain same throughout 
the cyclic loading. 
3. The initial stiffness under positive moment is modified for the slip between 
concrete slab and steel beam due to the flexbility of shear connectors. 
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4. Concrete strength in tension 1s neglected. 
5. No axial force is applied. 
6. Hysteresis loops at the same amplitude of rotation are assumed to be 
stable and repetitive. 
7. Composite beam reloaded to positive moment after an inelastic deformation 
under negative moment has taken place exhibits a pinching of the 
hysteresis loop. 
4.3.2 Effective Width 
In this section, the finite element analysis, carried out in section 3.3, is 
expanded to investigate the effects of the several parameters influencing the 
effective width of composite beams when the beam-to-column joint is subjected 
to forces resulting from seismic excitations. The parameters considered are: 
• Aspect Ratio(B/L) 
• Width of Column Flange(C1) or Bearing Area 
• Torsional Stiffness of Transverse Beam(Kt) 
where B is the total slab width between the mid-distances of adjacent columns 
and L is the beam length from the column face to the end of beam (zero 
moment). 
Aspect Ratio (B/L) : 
Fig. 4.5 shows the relationships between the effective width(Beff) and the aspect 
ratio(B/L) of composite slab with zero column width. They were computed by 
the Eq.(3.1). The three different dotted lines indicate the effective widths 
computed at the sections at distances of I/4L, I/2L, and 3/4L, respectively from 
the face of column, respectively. The solid line, marked as B ff . , is for an 
e ,eqmv 
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equivalent uniform effective width which produces the same flexural deflection at 
the end, when simple beam bending theory is used. Another dotted line, marked 
as Beff/1 = 0.19, is shown to compare the effect of aspect ratio on effective 
width. 
It is noticed that the effective widths along the composite beam are much 
wider than the equivalent uniform effective width, B and B is very eff,equiv' eff,equiv 
close to 0.191 for B/1;::: 0.6. The values of the equivalent uniform effective 
width, B ff . , for B /1 ::; 0. 7, are listed below. e ,eqUJv 
B/L ;:::o.7 =0.6 0.6 0.4 0.3 0.2 ::;o.1 
0.190 0.186 0.182 0.174 0.163 0.141 0.09 
Interpolation 1s required for a value of B/1 between those shown. 
Column Width (CJ : 
Fig. 4.6 describes the mcrease m effective width over the effective width of 
composite slab with zero-width column as a function of the the column flange 
width, which is related to the bearing area of the concrete slab against the 
column. The increase in the effective width .6.Beff is closely propotional to the 
mcrease of column width, that 1s, 
.6. B eff (4.5) 
Torsional Stiffness of Transverse beam (Kt) : 
For composite beam-to-column joint, a part of the moment transfer occurs 
directly between the column and the composite beam within the bearing area of 
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slab, cl' and the remainder is transferred through the torsional members if any. 
The path mechanism of moment transfer through the torsional members is an 
important problem, which requires careful studies. 
In this study, for the purpose of defining the effect of transverse beams, 
the beam is assumed to have a depth dt, measured from the midheight of the 
concrete slab and a torsional stiffness, CG / (B-C 1), in which C is the St. Venant 
Torsion Constant of the composite transverse beam. The beam undergoes only 
torsional rotations. The factor that affects the increase of effective width, ~B eff' 
with reference to the effective width of composite slab with no transverse beam, 
is found to be 
CG 
t E dt 2 B c c 0 
where tc is the slab thickness and B0= B-C1 
Elastic finite element analyses have been performed to determine the effect 
of each parameter with the limitation of 
0.0 < c < 200. in 4 
o.o < c1 < 16.0 in 
0.8 < B/L < 1.6 
2000 < E < 4000 ksi c 
1.5 < t < 4.5 in c 
6.8 < dt < 13.6 in 
The torsional stiffness of steel beam is usually small, the largest torsion constant, 
C, of the standard W-shape section for beam member is only 64.2 in4 . 
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Fig. 4.7 shows the results and the mcrease of effective width, b.Beff may be 
approximated as 
b.Beff 4CG 
-------
Bo t E dt 2 B 
c c 0 
(4.6) 
4.3.3 Elastic Stiffness(Partial Interaction Theory) 
As observed in the tests, slip between the concrete slab and the steel beam 
always occurs even at small loads, and will become larger when the composite 
beam is subjected to load reversals, because of deterioration of the stiffness of 
the shear connectors. It is therefore necessary to know how the behavior of a 
beam is modified by the presence of slip. The effect of slip on the elastic 
stiffness of composite beams under seismic action is discussed here using the 
partial interaction theory. The study is for a cantilever beam with uniform slab 
width loaded by a concentrated load at the end. The equations for general 
expression for slip and deflection along the cantilever beam have been derived 
and are given in Appendix A. In this derivation, the following assumptions have 
been made; 
1. The shear connection between the slab and the steel beam IS assumed to 
be continuous along the entire length. 
2. The amount of slip permitted by the shear connection IS directly 
proportional to the force transmitted. 
3. The distribution of strains throughout the depths of the slab and the steel 
beam is linear. 
4. The steel beam and the slab are assumed to deflect equal amounts at all 
points along the length at all timq3 
Fig. 4.8 shows the effect of partial interaction of the beam of speCimen 
EJ-FC. The relationship between beam stiffness with partial interaction, 
I /1 and uniformly distributed stiffness of the shear connectors, k=k
8
/s1, partial full' 
where Ifull 1s the stiffness of the composite beam under full interaction 
assumption, k
5 
is the stiffness of the shear connectors in each rib and s1 is the 
distance between the connectors. The shear connectors for the specimen EJ-FC 
was designed to satisfy the requirements for the ultimate strength, but the 
deterioration of stiffness caused a reduction of the stiffness of composite beam. 
The experimental stiffness computed at design load was smaller by 14% than 
that according to the full interaction assumption. More experimental data are 
required for the effect of partial interaction of composite beam developed during 
load reversals. 
4.3.4 Ultimate Strength of Composite Beam at Connection 
Strength of a full composite beam under positive moment may be estimated 
by a lower bound approach, given in Ref. [69]. The assumptions of the Whitney 
rectangular compressive stress distribution with a constant stress of 0.85r c for 
the concrete slab in compression and fully yielded condition for steel beam are 
used. If the design criteria for minimum shear connector requirements for full 
composite action are satisfied(Fig. 4.9), the moment capacity of the beam is 
db a 
M = A F (- + t - -) 
u • y 2 c 2 (4.7) 
where 
AF 
• y (4.8) a=----
0.85/' cBeff 
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The assumptions mentioned above need to be modified for the estimation of 
maximum strength of a composite beam connected to a column, as demonstrated 
m the experimental studies. The reasons are: 
• In the concrete slab adjacent to the column face, the material is in triaxial 
state of stress. The concrete is confined by the steel beam and the column 
as well as by the reinforcing steel and shear connectors. The strength of 
the concrete is increased substantially under multiaxial state of stress. The 
strain at the ultimate strength is also increased. The increase in strength 
and strain would result in changes of the moment-rotation relationship of 
composite beam. A concrete compressive stress of 1.3P for the Whitney 
c 
rectangular block was suggested in a report [32] for the computation of a 
lower bound strength of composite beam connections. 
• At the composite beam connection, the neutral axis at the ultimate 
moment is likely to lie outside slab, because of the narrow effective width, 
Beff" Then, if Kf' is the ultimate strength of concrete in the direction c 
normal to the column face, a compressive force equal to Kr C1t for the c c 
slab will not properly represent the slab's contribution to the maximum 
strength of composite beam. 
Also, it should be noted that the value of the maximum strength, M , used in 
max 
the analysis, is preferredly the true value and not the lower bound value given 
by ultimate strength theory. 
In this section, it is attempted to estimate the contribution of concrete slab 
on the ultimate moment of composite beam utilizing the experimental available 
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data listed in Table 4.1. None of the test specimen had significant effect from 
transverse beams and its effect is neglected in this estimation. Fig. 4.10 shows 
a linear strain and the corresponding stress distribution in a composite beam at 
the ultimate moment, in which the neutral axis lies outside the slab. The cross 
section is subdivided into a number of longitudinal layers or fibers for the 
purpose of analysis. The assumption that plane sections remain plane is made. 
Reinforcing steel is also included if exists. An elastic-plastic-strain hardening 
stress-strain relationship of steel IS adopted(Fig. 3.1, 82). For concrete, an 
equivalent uniaxial nonlinear stress-strain relationship(Fig. 4.11), which was first 
proposed by Darwin [27] for biaxial state of stress, using Saenz's uniaxial 
stress-strain relationship(Fig. 4.12, solid line), is used. The longitudinal direction 
of the steel beam is assumed to be the major principal direction of the concrete 
stresses. 
u =------------------------------------
e f f f 
(4.9) 
1 + (R + RE- 2)_:_- (2R-1) (_:_) 2 + R(_:_) 3 
f f f 
eo eo eo 
where u equivalent uniaxial stress 
e 
f equivalent uniaxial strain 
e 
u maximum stress of u -£ curve Ku 
eo e e 0 
f strain corresponding to u 
eo eo 
u ultimate stress of u -£ curve 
eu e e 
f strain corresponding to u 
eu eu 
u maximum stress of uniaxial u-£ curve( =r J 
0 
f strain corresponding to u 
0 0 
u ultimate stress of uniaxial u-£ curve 
u 
f strain corresponding to u 
u u 
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(J 
eo 
E =E (3--2) 
eo o u 
0 
E 
eo 
E =-E 
eu E u 
0 
(J 
eo 
u =-u 
eu u u 
0 
(J 
eo 
R=-
u (J 
eu 
E 
eu 
R =-
€ E 
eo 
(J 
eo 
E =-
s { 
eo 
E 
RE=E 
s 
RE(Ru -1) 
R=---
(R€-1)2 
1 
R ( 
The real contribution of concrete to the ultimate bending moment can be 
expressed as, 
M 
where Cc 
c 
the resultant concrete force 
,BKP C1t : ,B = constant c c 
r 
at 
depth of neutral axis from the top surface of concrete 
c 
location of C from the top surface of concrete. 
c 
To evaluate K and ,B from the test available data( Table 4.1), the 
solution procedures have been used: 
1. An initial value of K is chosen. 
2. An initial value of E at the top fiber of concrete is assumed. 
c 
3. An initial value of location of neutral axis, r, is assumed. 
4. From material constitutive laws, stresses are calculated. 
77 
(4.10) 
following 
5. Tensile and compressive forces, C , C and T, are determined. 
c s 
6. Since equilibrium is not automatically satisfied, an iterative prodecure of 
steps 3 to 5 is used by modifying the location of r until equilibrium 1s 
satisfied. And then the external moment acting on the section 1s 
calculated. 
7. Increment the value of £ , and repeat the procedures of steps 3 to 6 until 
c 
the maximum strain at failure corresponding to the assumed K value. And 
the maximum calculated bending moment is compared with the test result. 
8. Repeat the procedures of steps 2 to 7 by increasing the K value until the 
maximum caluculated moment becomes the same as the moment from tests. 
After the iteration for each test result was performed, the corresponding f3 was 
obtained. The values of j3K are listed in the second column of Table 4.2. The 
average values of K and j3K are 1.501 and 1.405. 
The location of the resultant concrete force, C , depends on the ratio of 
c 
slab thickness, tc, and the neutral axis location, r. Then, the Eq.(4.10) can be 
changed to 
M 
c 
(4.11) 
The values for f3(1-aA) are examined for the parameters; 
3.0 ksi < r c < 8.0 ksi 
0.1 < A < 1.0 
Fig. 4.13 shows that the term f3(1-aA) may be approximated by 0.93(1-0.5A), and 
therefore, 
M 
c 
(4.12) 
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Equilibrium in the logitudinal direction with the assumption that the 
reinforcing steel in the slab also yields gives 
A F = 2A F + 1.4f' C1t + A F s y sc y c c r yr (4.13) 
This equation gives the value of A , the area of steel m compressiOn zone, and 
sc 
hence r. 
For the ultimate moment of composite beam at the connection, 
M 1.4r C1 t r{1-0.5A) + 2A F r + A F r + A F r max c c sc y sc s y s r yr r {4.14) 
where r distance from the neutral axis to the centriod of C 
sc s 
r distance from the neutral aXIS to the centriod ofT 
s 
r distance from the neutral axis to the centroid of 
r 
reinforcing steel, A . 
r 
If beams with torsional strength run m the transverse direction, Eqs. ( 4.13) and 
(4.14) must be modified properly to increase the compressive force of concrete, 
C , by the amount corresponding to the torsional strength. 
c 
4.3.5 Skeleton Curve 
A beam as part of building structure subjected to earthquake loadings is 
commonly assumed to be under anti-symmetric bending(Fig. 4.14) with the 
assumptions that the dead loads are negligible and the member end moments are 
of the same magnitude but opposite signs. The end moment vs. end rotation 
relation of the beam(with uniform section) can be obtained by integrating the 
curvature distribution along a cantilever beam, the length of which is one-half 
the actual length as shown in Fig. 4.14. Experiments of such cantilever beams 
provide the moment- curvature and end moment-end rotation characteristics. 
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There is, however, a tremendous gap between the moment-curvature and 
the end moment-end rotation relationships m case of composite beam under 
positive moment. The difficulty stems from the non-uniformity of the section 
along the beam and the concentration of inelastic deformation at the connection 
where the concrete slab is under a triaxial inelastic state of stress. The method 
employed here, therefore, uses the end moment-end rotation of members as the 
basis of the analysis. Bilinear approximation is made to represent the behavior. 
Elastic Limit Moment M + : 
e 
To best represent the inelastic behavior of a composite beam, it is necessary for 
the case of positive bending to define a elastic limit moment, M +, for a bilinear 
e 
approximation of moment rotation relationship, which is neither the ultimate 
moment, M +, determined by the procedure in section 4.3.4 nor the moment 
max 
corresponding to the initiation of yielding at the lower flange of the steel beam. 
Obviously, any precise evaluation of M +jM + is impossible without use of the 
e max 
actual material properties, variation of stiffness along beam and a 
moment-gradient parameter. 
The proposal in this study is to assign a constant ratio of M +jM + 
e max 
which is more realistic for nonlinear analysis of building frames. A thorough 
examination of the experimental moment-rotation diagrams of the composite 
beams listed in Tables 4.1 indicated that the ratio is between 0.9 to 0.95. It is 
suggested to use the lower value of 0.9 to be on the safe side. 
Fig. 4.15 shows the skeleton curve of a cantilever composite beam with 
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( 
length of L, and hysteresis loops for cycling loading. A bilinear mathematical 
model in each direction prescribed: 
1. The elastic stiffnesses of a composite beam with an equivalent uniform 
effective slab width is (section 4.3.2): 
for positive moment (4.15a) 
for negative moment (4.15b) 
where J+ and 1· are the moment of inertia of the composite beam for 
positive and negative moments 
2. The effect of slip of shear connectors on the elastic stiffness IS included by 
the Eq.(A.5)(section 4.3.3) 
3. The ultimate positive moment of composite beam at connection IS 
computed by Eqs. (4.13) and (4.14) and the elastic limit strength is set at 
0.9Mmax + The negative elastic limit moment, M ·, is the plastic moment e 
computed by the conventional method with concrete tensile strength 
neglected. And the corresponding rotations are; 
M+L 
E> +=_e_ 
e 3EJ+ 
for positive moment 
for negative moment 
4. The strain-hardening stiffness Is defined empirically from the tests; 
K + 
sh 
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(4.16a) 
(4.16b) 
Eq.(4.17a) 
K· 
sh Eq.(4.17b) 
The following values for a based on the experimental results are suggested. 
a+ = 0.025 for positive moment 
a· = 0.050 for negative moment 
Figs. 4.16 and 4.17 show the companson of skeleton curves between the 
analytical models and the experimental results. The fit provided by the 
analytical models is quite good, especially for the elastic stiffness, elastic-limit 
moment and ultimate moment. 
4.3.6 Hysteresis Behavior 
The moment-rotation skeleton curve may then be used to develop hysteresis 
curves for the composite beam. The proposed hysteresis curve, which is created 
m order to trace the inelastic behavior of the beam, is based on the 
experimental results( chapter 2) and finite element analysis results( chapter 3). 
The basic features are the bilinear hysteresis curve of the bare steel beam and a 
modification for the effect of composite slab. Hysteresis behavior is defined by a 
set of eight rules, which are identified in the Fig. 4.15 by the corresponding 
numbers. 
1. Moment-rotation relationship 1s elastic up to the elastic limit moment m 
each direction, M + or M ·. 
e e 
2. Once the elastic limit moment is exceeded, loading proceeds on the second 
slope(strain-hardening slope) of the bilinear curve. 
3. Unloading from the line 2 IS parallel to the elastic stiffness. 
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4. Reloading stiffness to the negative moment region IS the reduced negative 
elastic stiffness(~~:Ke"). The constant, ~~:, is determined to be the reloading 
point(B) of the bilinear hysteresis curve for the bare steel beam(loop 
B-D-E-F). 
5. Reloading to the positive moment regwn depends on whether the crack 
closes before the steel beam yields or remains open until the steel beam 
yields. 
a. If the crack remams open, rule 3 will be extended to the yield point 
of bare steel beam. 
b. If the crack closes, this rule stops at the crack closing point. 
6. For case of a of rule 5, it will trace the hysteresis loop of bare steel beam 
until the crack closes. 
7. For case of b of rule 5, it will trace the previous unloading curve with the 
positive elastic stiffness. 
8. Upon the closing of the crack(C), it will be toward the previOus maximum 
point(A) in the positive moment region. The point C may be assumed to 
be one-half the maximum rotation(A). 
9. If the direction of moment changes while it is on C-A(rule 7) in process of 
closing the crack, an unloading slope equal to the elastic slope, Ke +, Is 
used. 
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4.4 Composite Beam-to-Column Panel Zone 
4.4.1 Restoring Force Characteristics 
Since the panel zone element was recognized to play a important role in 
the performance of structures under earthquake, research on its behavior(see 
section 4.2.3) has progressed to provide mathematical models for monotonic 
loading, but not to the point where they can be used in the analysis of building 
structure under seismic loading. 
In this section, attempts are made to develop an analytical model which 
will predict the inelastic cyclic response of composite beam-to-column panel zone. 
The desired model is not one which would predict the local stresses or strains 
within the elements, but a global model which would adequately define the 
deformation of a panel zone element. The model could then be used to predict 
the gross overall behavior of building structures with composite slab. 
It 1s a trilinear approximation of the true inelastic deformation 
characteristics. The average angle of shear distortion, 7 , and the difference in p 
beam moments at the column faces, ~M, causing the shear distortion are used 
to describe the skeleton curve and cyclic hysteresis curve. The restoring force 
characteristics observed in the prevwus chapters and the assumptions made for 
the modelling are summarized below; 
1. Exterior joint panel zone exhibited non-symmetric response due to the effect 
of composite slab, but hysteresis loops of interior joint panel zone are 
assumed to be symmetric shape even if its actual behavior depends on the 
moments at both beam ends. 
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2. Beam moments are replaced by forces, Q, at the column face, as shown m 
Fig. 4.18, and the effect of composite slab is simulated by the increase of 
3. Post-yield deformation of panel zone IS limited to the area bounded by the 
flanges of steel beams and steel columns(shaded area in Fig. 4.18) 
4. Under cyclic loading, the panel zone exhibits strain-hardening behavior 
between isotropic and kinematic hardenings. 
4.4.2 Elastic Stiffness of Panel Zone 
Previous investigators [53, 35, 48] have proposed mathematical models for 
the elastic stiffness of steel beam-to-column joint panel zone based on the 
assumptions that only panel zone resists shear force induced by difference in the 
beam moments and that bending deformation of the panel can be neglected 
because the adjoining beams provide considerable restraint to the deformation. 
Then, the shear force in the panel zone, V P' is 
M+ M-
b b 
V =-+--V 
P n+ n- c 
b b 
( 4.18} 
where V IS the shear force m column, and the average shear strain IS expressed 
c 
by 
where A 
w 
area of column for shear resistance and IS defined commonly 
without significant error by (d -t f)t w. 
c c c 
Thus, the elastic stiffness becomes, 
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(4.19} 
Ke=--=----
IP IP 
(4.20) 
For an exterior joint, there IS only Mb + or Mb· and this equation can be 
expressed by 
where 
and 
And, 
A GD + 
+ w b K =---
e 
AWGDb-
K-=---
e 
V D + 
+ col b 
p = 
M+ 
b 
Vco!Db-
p M-
b 
for an interior 
for positive moment (4.21a) 
for negative moment (4.21b} 
joint, with the assumption that the ratio of positive 
moment at one side and the negative moment at the other maintains constant, 
that IS1 
Mb+ 
r =--
M M-
b 
and usmg the ratio of the computed depths, 
D-
b 
r =--
D D+ 
b 
the stiffness IS 
K 
e 
86 
( 4.22} 
Effect of Composite Slab (Db+ or Db-) : 
The composite beam moment, Mb, is expressed by the sum of three components, 
according to the "Bernoulli-Euler's hypothesis" 
where M 
M 
Mb=M +M +Fd s c 
s 
c 
moment in the steel beam 
moment in the slab 
F force acting at the centroids of the slab and beam 
d distance between the centroids of the slab and beam 
(4.23) 
Since M does not influence directly the behavior of the the panel zone 
c 
shaded in Fig. 4.18, the average shear force in the panel zone is due to M
5 
and 
Fd only. 
(4.24) 
And, with the geometric properties of steel beam and concrete slab of the 
composite section and assuming the elastic behavior of composite beam, Db+ is 
derived as 
(4.25) 
and 
2'7+ 1 1 (1 + {3){3(-6-) + 2(1 + 2-r) 
a=------------
2'7+1 (1 + {3){3(-6-) + (1 + -r)(l + 2-r) 
(4.26) 
where 
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E 
s 
n=-
E 
c 
d 
r 
and d 1s the distance from the top of steel beam to the centroid of slab. 
r 
f 
Eqs.(4.25) and (4.26) can also be applied to composite beams under 
negative moment with reinforcement, Ar, in the concrete slab under negetive 
moment by replacing Acfn by Ar. This is for calculating Db including the effect 
of slab reinforcement. 
General Yield Strength AM : y 
Eq.(4.20) is valid until the shear force m the panel zone reaches general yielding 
in shear as 
AM = AM when r r y y 
with von Mises Yield Criterion 
Then, 
1" -
F y 
YVs 
F y 
AM =K--
y e r.: 
V3G 
( 4.27) 
Residual stresses may be taken into consideration m this formula. The test 
rsults indicated about 10% to 15% reduction of AM due to residual stresses. y 
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4.4.3 Post-Elastic Behavior 
The preceding equation predicts general yielding of a panel zone, .D.M , and y 
the web panel is assumed to yield uniformly in shear. From then on, the extra 
strength beyond general yielding is provided by the following effects; 
1. Resistance of boundary elements: column flanges 
2. Strain-hardening of panel zone. 
Fig. 4.19 shows two types of models simulating the shear resistance of the 
column flanges; 
1. The exterior flange is bent as a beam in double curvature with fixed 
boundary condition at the levels of beam flanges(Fielding model, Ref. [35]). 
12EI f 
c 
w =--o~ 
pl d 2 p 
b 
(4.28a) 
2. The interior flange IS simulated by two elastic spnngs like the model m 
Ref. [48](Krawinkler Model), but the rotational stiffness of each spring Is 
expressed by 
2EJf 
c 
6V =--o-r 
p2 t f d p 
c b 
(4.28b) 
For cyclic loading, the strain-hardening effect need to be included to determine 
the skeleton curve, 
6V 3 =A G hoi p w s p (4.28c) 
Thus, the total shear increment, oV P' IS 
12E/ f 2El f 
c c 
6V = (--+--+A G ) 01 
p d 2 t f d w sh P 
b c b 
( 4.29) 
and the post-elastic stiffness, K IS inel' 
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oM 
K --ind- Oj 
p 
The stiffness for each type of joint IS expressed by 
K D+ 
+ • b K - for exterior joint under positive moment 
ind - (l-p+) 
and 
K,Db-
K -- for exterior joint under negative moment 
ind - (1-p-) 
where 
12E/ I 2El I 
c c 
K =--+--+A G 
s d 2 t 1 d w sh 
b c b 
and 
for interior joint 
where 
2EJI 
c 
K =2x--+A G 
• t I d w sh 
c b 
Strain-Hardening Range 
(4.30) 
(4.30a) 
( 4.30b) 
( 4.30c) 
The post-yield stiffness is assumed to remam constant until the boundary frame 
yields and forms a complete plastic mechanism. The test results of composite 
joints under cyclic loading exhibited the mechanism formed at about 1.5% to 
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2.0% shear distortion which was larger than that assumed in Ref. [48](41 ). y 
From then on, only shear strain hardening of the panel zone carries the addition 
of shear force, and the tangent stiffness is assumed as 
Gsh 
K =-K 
sh G e (4.31) 
The experimental results from specimen EJ-FC under negetive moment indicated 
the ratio, Gsh/G, to be about 2.5% to 3.0%, but the ratio under positive 
moment was lower(l.O%). The cracking and crushing of concrete after large 
deformation seemed to be responsible for this behavior. 
4.4.4 Skeleton Curve and Hysteresis Behavior 
With the known stiffnesss, Ke, Kinel and K5h(Eqs. 4.20 to 4.31) for positive 
and negative moment, a trilinear skeleton curve for exterior joint is developed as 
plotted in Fig. 4.20. For the interior joint, it is symmetrical. Figs. 4.21 and 
4.22 show companson of the analytical and experimental skeleton curves of the 
panel zone of specimens EJ-FC and IJ-FC. Also shown are the predicted curves 
by two available models developed for monotonic loading [48, 35]. The overall 
prediction provided by the proposed model is very good and shows better 
agreement with test results than the available models, especially m the 
post-elastic range. 
Then, based on the experimental and the finite element analysis results, the 
following rules for hysteresis behavior are proposed(Fig. 4.20): 
1. Moment-shear distortion of panel zone is elastic up to the general yielding 
point(.!lM ) in each direction. y 
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2. Once the general yield strength is exceeded, loading proceeds on the 
post-elastic stiffness, Kine I' ( 2"d slope). 
3. Once loading passes the plastic strength, stain-hardening stiffness 1s 
assumed. 
4. Unloading from the 2nd and 3rd slopes is parallel to the elastic stiffness, 
and extended to reloading curve up to the point B or C which is the 
mid-point between isotropic and kinematic hardening yield surfaces 
according to test results and finite element analysis results. For simplicity, 
the point B and C are fixed at 55% an 65 %, respectively of the 
previously reached maximum moments. 
5. For exterior joint under negative moment, reloading after rule 4 is parallel 
to the negative post-elastic stiffness, K. 1-, and discontinued at the plastic me 
moment, MP-, where the strain-hardening stiffness, Ksh-' follows. 
6. For exterior joint under positive moment and for interior joint, reloading 
after rule 4 is toward the previous maximum point in that direction. 
7. If the direction of moment changes while closing the crack(C-A)(rule 6), an 
unloading slope equal to the elastic slope, K -, is used. 
e 
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4.5 Summary 
In this chapter, analytical modeling has been attempted based on the 
analytical studies of the parameters which influence the overall behavior and the 
experimental findings. A bilinear model and a trilinear model for the skeleton 
curves of composite beam and composite beam-to-column panel zone, respectively, 
under cyclic loading have been proposed. Also, hysteresis rules for each element 
have been proposed. The important results can be summarized as follows: 
Composite Beam 
1. The effective width of composite slab is dependent mainly on the aspect 
ratio of slab(B/1), bearing area of slab against column(C1) and torsional 
stiffness of transverse beams with respect to the axial stiffness of 
slab(section 4.3.2) 
2. The effect of slip between composite slab and steel beam due to cyclic 
loading decreases substantially the elastic stiffness of composite beam, which 
may be computed by the assumption of full composite action, and needs to 
be taken into account.(section 4.3.3) 
3. The positive ultimate strength of a composite beam at the connection, 
Mu +, is obtained with the assumptions of the Whitney rectangular 
compressive stress distribution with a compressive strength of 1.4f for 
c 
concrete slab and of the fully yielded condition for steel beam.(section 
4.3.4) 
4. For the proposed bilinear analytical model of composite beam 
moment-rotation relationship, the positive elastic limit moment, Me+, is 
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approximated by 0.9Mu and the negative elastic limit moment, Me· ia 
assumed to be the plastic moment computed by the conventional method 
with concrete tensile strength neglected. 
5. The proposed analytical model properly simulates the behavior of composite 
beam as a structural member of a building structure under seismic 
excitations. The analytical curve agrees reasonably well with the 
experimental curve. 
Composite Beam-to-Column Panel Zone 
1. The effect of composite slab on the elastic and post-elastic behavior of 
panel zone IS simulated by the enlarged panel zone depth(Eqs. 4.25 and 
4.26) It accurately predicts the mcrease Ill the elastic stiffness and the 
strength due to concrete slab. 
2. The post-elastic stiffness of panel zone is determined by the elastic 
flexibility of column flanges and the strain-hardening modulus of web panel 
of column. The exterior and the interior column flanges are assumed to 
behave in different manner: cantilever model and spring model, respectively. 
3. The proposed trilinear analytical model accurately predicts the 
moment-shear distortion behavior of two types of joint panel zones: 
exterior and interior joints. However, it should be noted that the model 
for the interior joint panel zone requires predetermination of the ratio of 
bending moments to be developed at two composite beams connected to the 
joint. 
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5.1 General 
Chapter 5 
INELASTIC DYNAMIC ANALYSIS 
The purpose of this chapter is to discuss general aspects of inelastic 
dynamic analyses of steel building structures with composite slab. The 
general-purpose dynamic analysis computer program, DRAIN-2D [44], is used in 
this study. The analytical models of composite beam and composite 
beam-to-column joint panel zone developed in the previous chapter are first 
implemented into the computer program. The computational features of the 
inelastic dynamic analysis are then discussed. The program is also modified to 
allow static cyclic analysis of frames. 
5.2 DRAIN-2D Dynamic Analysis Program 
The general purpose computer program for dynamic analysis of inelastic 
plane structures, DRAIN-2D [44], written by Kannan and Powel is used in this 
study to determine the behavior of steel building frames with composite slabs. 
The program performs inelastic dynamic analysis of structures subjected to a 
base excitation. The structure is idealized as a planar assemblage of discrete 
elements. Analysis is performed by the Direct Stiffness Method with the nodal 
displacements as the unknowns. The analysis employs a step-by-step integration 
procedure of equilibrium equations of motion in each time step. At the end of 
each step, the state of each element is checked, and the tangent stiffness 
modifications and the equilibrium corrections for any out-of-balance forces due to 
change in state are applied. These corrrections are applied to prevent the 
out-of-balance forces from accumulating. This solution method is called one-step 
iteration or out-of-balance force method.95 
' 
One of the mam advantages of the program IS the relative ease with which 
new inelastic elements can be added. This was the pnmary reason for the 
selection of this program. For new elements, it is only necessary to develop new 
subroutines with no modification to the basic program. 
5.3 Composite Beam Element 
5.3.1 Single Component Model 
The single component model proposed by Giberson [38] for the stiffness 
formulation of beam element consists of an elastic element with two springs at 
the ends(Fig. 5.1). All inelastic rotations within a member length(Lb) are 
lumped into these two end sprmgs. In order to estimate the characteristics of 
these two springs, moment distribution along a member must be predetermined 
and the inelastic stiffness of sections along the beam must be known. It is often 
assumed for members with uniform stiffness that the point of contraflexure IS m 
the middle and the member end moments are of the same magnitude but have 
opposite signs. And the inelastic characteristics of the two springs are 
determined such that the springs represent all the inelastic rotation within the 
member. This assumption is not always justified. In reality, the yield condition 
at one end of a member depends on rotation at the other end. In fact, 
curvature distribution along a member changes for different loading conditions. 
However, it has been found that the anti-symmetric moment distribution 
assumption is fairly accurate for uniform girders [37, 39, 13, 34, 77, 8]. Also, it 
is one of the most convenient ways to simulate flexural members for the purpose 
of dynamic analysis of multi-story building structures, since the stiffness matrix 
of an element is modified only when there is a change of stiffness in one of the 
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two springs. This means that the global stiffness matrix is not necessarily 
modified at each time step, and this greatly reduces the computational time. 
5.3.2 Non-Symmetric & Non-Uniform Composite Beam 
In section 4.3, the restoring force characteristics of composite beams were 
discussed and a skeleton curve and hysteresis rules were developted for a 
cantilever composite beam with a fixed length, L. However, difficulties arise when 
the model is applied to analyze steel frames with composite slabs. The major 
difficulties are: 
1. The effective width of a composite slab, and the stiffness of a composite 
beam varies, as a function of the location of the contraflexure point. 
2. The inelastic stiffness of the member also varies continuously with its load 
history. 
Fig. 5.2 shows the moment distribution of a composite beam and the 
stiffness properties for a non-symmetric section. The elastic stiffness is made up 
of two segments with different stiffness properties. Two cantilever models with 
the lengths L + and 1· respectively can be applied and assembled to get a 
stiffness matrix of the member. This method was used to analyze reinforced 
concrete members by Otani [56]. Unfortunately, this approach leads to a 
non-symmetric element stiffness matrix. Suko, et al [71] determined the hinge 
spring stiffness based on the location of the point of contraflexure at the initial 
elastic stage. Bannon, et al [13] suggested a model that fixes the point of 
contraflexure in the middle of the member to find the spring properties and then 
later takes the actual location of the point of contraflexure into consideration to 
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construct the member stiffness. It has the advantage of producing a symmetric 
stiffness matrix, but is not attractive for dynamic analysis, because the element 
stiffness matrix has to be set up at every time step. 
5.3.3 Element Stiffness Matrix 
The present model is a single component model in which each element is 
represented by an elastic beam element with inelastic springs at its two ends. 
The point of contraflexure is fixed at an arbitrary point(in the program, the user 
inputs the data), and the lengths L + and L· are determined. It is then assumed 
that the stiffness of elastic beam element is the elastic stiffness of the composite 
beam, (EI+)e, and the two inelastic sprmgs represent inelastic flexural 
deformation within the lengths L + and L"(Fig. 5.3). Thus the stiffness of a 
spring under positive and negative moment are defined as: 
1 (L+)3 (L+)3 
-----
K + 3EJ+ 3(EJ+)e 
sp 
(5.1a) 
1 (L-)3 (L -)3 
------
K - sEr 3(EJ+)e 
sp 
(5.1b) 
It is noted that the inelastic spring under negative moment also includes a part 
of elastic deformation due to the uniform elastic stiffness assumption (EI+)e. 
Fig. 5.4 shows the skeleton curve of a spring. The elastic property of the spring 
under positive moment is a perfectly rigid component. The hysteresis behavior 
obeys the rules described in section 4.3.4. 
ELEMENT STIFFNESS : 
Flexbility relation of a simply supported beam element IS formulated m a matrix 
form as 
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or 
where 
~e. 
J._ 
~e. ~M. 
J 
[f] e {~M} 
Lb 1 1 
f = +-+--
11 3(EJ+) K . A GL 
e sp,z v 
Lb 1 
f =! =- +--
12 21 6(EJ+)e AvGL 
Lb 1 1 
f = +-+--
22 3(EJ+) K . A GL e sp,J v 
1 
--- shear deformation component A GL-
v 
J 
(6. 2a) 
(6.2b) 
The stiffness matrix of the element IS obtained by inverting the flexibility 
matrix which results in the form, 
{~M} = [k] e {~e} (6.3) 
Ill which [k]e [f]e· 1. Input instructions are given m Appendix B. 
5.4 Composite Beam-to-Column Panel Zone Element 
The DRAIN-2D program provides a semi-rigid connection element(Element 
4) which can be used to represent deformable panel zones in steel building 
frames. This element is based on a bilinear strain-hardening model for the 
relationship between incremental moment and incremental rotation as 
~M = K ~e (6.4) 
and the stiffnesses in both the positive and negative direction are the same, but 
the yield moment can be different. 
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This element was modified to tale into account the cyclic shear behavior of 
panel zone developed in section 4.4.4. It is a trilinear model. The elastic 
stiffness, strain-hardening modulus and yield moment are different under positive 
and negative moments. Two types of joint panel zone are identified; exterior 
joint(non-symmetric) and interior joint(symmetric). The inclusion of damping 
effect and initial moment were, however, essentially unchanged from the element 
4. 
In practical applications, the element is used as shown m Fig. 5.5. The 
horizontal and vertical deformations are same at the joints where beams and 
columns are connected. Only the relative rotation, ilE>, is determined by the 
difference in moments from the beams and columns, ilM. Input instructions are 
given in Appendix C. 
5.5 Method of Analysis 
5.5.1 Incremental Equilibrium Equation 
The nonlinear dynamic analysis is approximated as a sequence of analyses 
of successively changing linear systems with its current properties, and the 
equations expressing the equilibrium of force increments developed in a structure 
subjected to base excitations(accelerations) during a time increments, ilt, can be 
derived in matrix form. 
-[M]{ilX } g (5.5) 
where it 1s assumed that the mass matrix [M] does not change with time, and 
damping 1s a v1scous type mechanism. 
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However, the tangent damping and stiffness matrices, [CT] and [KT], are 
generally varying during each time increment. It is convenient to use the initial 
tangent rather than the secant for the two matrices in order to avoid the need 
for iteration at each step of the solution. Then, the solution of Eq. 5.5 is only 
approximation and errors will arise in the incremental equilibrium relationship 
which might tend to accumulate from step to step. In DRAIN-2D, the 
compensation for these errors is accomplished conveniently by applying corrective 
loads based on the total equilibrium of the system for the succeeding time step. 
5.5.2 Step-By-Step Integration 
The basic operation in the step-by-step solution of Eq. 5.5 IS based on the 
relationship between displacement, velocity and acceleration, which can be 
conveniently established by assuming the manner of variation of the acceleration 
during the time step. In this program, the method based on a constant 
acceleration within the time step has been adopted with the advantages of being 
stable for all period and time steps over the linear acceleration method and of 
not introducing damping into the system over the Wilson 0-method. 
The basic equations for the constant acceleration method are: 
1 
X = -(x +X ) 2 0 1 
!:lt !:lt 
xi xo+xo2+x12 
!:lt2 !:lt2 
xi xo+xotlt+xo4+x14 
Rearranging m terms of !:lx, 
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2 
- 2x + /:j.x-
0 fj. t 
4 4 
- 2x + x - + /:j. x-
0 Ofj.t /:j.t2 
Therefore, the increment of displacement during time step fj.t, /:j.x, in Eq. 5.5 
can be solved with the known velocity x0 and acceleration x0 at the beginning of 
the time step. 
5.5.3 Mass Matrix 
Although mass in a structure IS distributed along the members, mass are 
assumed to be concentrated at the nodes. It is also usually assumed that all 
the nodes in one floor have the same horizontal displacement and rotational 
inertias can be ignored. Then, the mass matrix Is 
[M] (6.6) 
where [M] IS a diagonal matrix, and the elements of the matrix represent story 
masses. 
5.5.4 Stiffness Matrix 
Since a 2-dimensional analysis is being considered, each node has two 
translational and one rotational degree of freedom. Once the member stiffness 
matrix is set up, it is then transformed into a global coordinates system. This 
is done using the transformation matrix [T], 
[K] = [T] T [k] [T] 
e e 
(6.7) 
where [K]e stiffness matrix of an element m the global coordinates system. 
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Since all the elements in this work have symmetrical stiffness matrices, only half 
the total stiffness matrices needs to be set up in a bandwidth matrix form. 
5.5.5 Damping Matrix 
Damping m a structure IS an energy-loss behavior and IS commonly 
represented by a viscous damping mechanism in practical analysis because this 
type of mechanism leads to a convenient form of the structural equations of 
motion(Eq. 5.5). However, it is not yet feasible to determine the coefficients of 
a damping matrix in an explicit form for dynamic analysis. For this reason, the 
damping is generally expressed in terms of damping ratios to critical damping 
established from experiments on similar structures. Damping in a structure due 
to inelastic deformation, or structural damping, is also often represented by the 
equivalent viscous damper concept, ~ , defined in terms of energy loss per 
eq 
cycle(See section 2.7.7). 
It is usually assumed that the structure's damping matrix is proportional to 
a combination of the mass and stiffness matrices, so that 
m which a and f3 are constants to be specified. When the damping matrix is 
proportional to only the mass matrix, the damping ratio is inversely proportional 
to the frequency of vibration. Thus the higher modes of a structure will have 
very little damping. Similarly, where the damping is proportional to only the 
stiffness matrix, the damping is directly proportional to the frequency and the 
higher modes of structure will be heavily damped. If most of the response of a 
structure is in the first mode, it may indicate that higher modes are more 
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heavily damped than the first mode of the structure, and therefore the 
stiffness-dependant damping is more favorable. 
The test results from the composite joint assemblages have exhibited that 
the effect of concrete slab on the structural damping of composite structures like 
that considered in this investigation is insignificant. (It should be noted that 
the Eq. 2.12 results in too high a damping ratio , especially at large ductility, 
and it is suggested [48] that the value can be used only qualitatively, not 
quantitatively). Thus the damping ratios suggested for bare steel strucures may 
be used for steel structures with composite slab. Dorwick [28] and Aoyama [9] 
provide the damping values for various types of building structures. 
5.6 Modification for Static-Cyclic Incremental Loading 
In order to use the proposed method for inelastic dynamic analysis of steel 
building structures with composite slabs, it is necessary to check its accuracy by 
comparmg analytical results with the available experimental results. The 
companson is usually done using the results from experiments conducted in static 
manner, because the dynamic test involves factors such as damping which is not 
fully understood. (Most of the experimental results available are also from 
static-cyclic tests.) Another advantage is that loading m a static cyclic test may 
be closely monitored. The program DRAIN-2D has been modified for the 
purpose of analysis of structures subjected to static-cyclic loads, so that the 
equilibrium equation (Eq. 5.5) becomes, 
CK.rJ {LlX} = {LlP} (5. 9) 
This program 1s applied to analyze some tested structures m the following 
section. · 
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5. 7 Comparison of the Analytical with the Test Results 
A static cyclic inelastic analysis was performed on two test joints EJ-FC 
and IJ-FC and a one-story building assemblage with composite slabs, of which 
test results are reported in Ref. [52]. The main objective is to determine whether 
the analytical models of two new elements, composite beam and composite panel 
zone, and their mechanical representations as the single component and the 
spring model, respectively, are sufficiently accurate. 
The DRAIN-2D program is a load controlled solution, but the tests were 
conducted with displacement control. Therefore, the nonlinear analysis is also 
run as a displacement controlled analysis which has been accomplished by first 
choosing a cyclic loading program and then analyzing the structure. The 
analysis result is examined, and the loading program is adjusted so that the 
desired cyclic deflection is obtained. Because of the limitation imposed by 
manually adjusting a run, it is not possible to precisely match the deflection 
program used in the tests 
Joints EJ-FC and IJ-FC : 
Figs. 5.6 and 5. 7 show companson of the hysteresis behavior of composite 
beam-to-column joints EJ-FC and IJ-FC testes in the experimental study. The 
actual material properties are used to compute the stiffness and strength of each 
member. First, analysis is performed based on the center-line dimensions and 
the results are not satisfactory. In the analysis, increase in the induced 
moments and the flexibilities of the members for the displacement applied at the 
ends of the composite beams has caused the discrepancies between the 
experimental and the analytical results. For cantilever members like beams and 
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columns of the test specimens, bending flexibility m terms of the force(P) vs. 
displacement(A1) relationship is increased by the ratio of (1/1clear)3 , and the 
shear deformation and the moments induced at the critical sections are increased 
by the ratio of (1/1cleaJ Also, the moment developed at the panel zone is 
increased by the ratio of (1/1cleaJ The input data in the second analysis are 
modified to take account of these effects. One cycle of analysis at each level of 
displacement is performed. Figs. 5.6 and 5. 7 show comparison between the 
analytical and the experimental force vs. displacement relationships. 
Assemblage CA-l : 
Fig. 5.8 is a comparison of the hysteresis behavior of the one-story assemblage 
specimen CA-l. This test was designed to study the behavior of composite 
beam under combined gravity and lateral loads. The test for the experiment is 
also shown in Fig. 5.8. The beam-to-column joint panel zones were reinforced 
by diagonal braces so that they remain essentially elastic during the tests. Two 
concentrated loads on each beam and a cycle of lateral load were applied. 
In the analysis, the center-line dimensions are assumed, but the strengths of 
the columns and beams are increased by the ratio of (1/1 ) clear · For the 
computation of stiffnesses of the springs at the ends of the composite beams, the 
lengths for positive and negative moments were assumed to be 0. 71 and 0.31 
respectively to take into account the effect of gravity loads on the effective 
width of the composite beams. This comparison indicates that the analytical 
model for composite beams is fairly accurate in predicting both the loads and 
the corresponding deformations. 
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5.8 Summary 
In this chapter, the program DRAIN-2D has been modified for the purpose 
of inelastic dynamic analysis of steel structure with composite slabs. Two new 
elements, composite beam and composite beam-to-column joint panel zone, were 
added. The various numerical factors that affect the global results from analysis 
were discussed. The program was also changed to allow static cyclic analysis of 
frames for the purpose of checking the accuracy of the proposed analytical 
models. Although only a small number of tested structures were analyzed 
because of the availability, they indicated a good agreement between the 
experimental and the analytical results. One factor influencing most significantly 
the elastic stiffness and the yielding of members is the assumption of center-line 
dimensions. This effect needs to be carefully modelled. 
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Chapter 6 
EXPERIMENTAL STUDIES OF A 0.3 SCALE MODEL OF A 
SIX-STORY CONCENTRICALLY BRACED BUILDING 
STRUCTURE 
6.1 General 
A full-scale six-story braced steel building prototype structure, described in 
section 2.1 and shown in Figs. 2.1a, b, and c, was tested at the large-scale 
testing facilities of the Building Research lnstitute(BRI) at Tsukuba, Japan using 
the pseudo-dynamic test method which is also called as the computer-actuator 
on-line test method. 
With the purpose of correlative studies of the results with those from other 
types of tests in the Steel Structure Phase of the U.S.-Japan Earthquake 
Research Program, two 0.3048(hereafter noted as 0.305) scale model structures 
shown in Figs. 6.1 were constructed and tested, one at Lehigh University and 
the other at the University of California, Berkeley. A quasi-static test method 
was employed at Lehigh and a shaking table test method was used at the 
University of California, Bekeley. The scale factor of 0.305 for length was 
selected considering the capacity of the test facilities at both schools. It also 
facilitated the easy conversion of the dimensions of the prototype in metric units 
to the dimensions of the two models in customary U.S. units. 
This chapter describes the experimental study of the model structure tested 
at Fritz Engineering Laboratory. The floor plan and elevations of frames are 
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shown in Fig. 6.2. The interior frame(Frame B) is a braced frame with 
concentric K-bracing. The details of the braced bay(north bay) of a story are 
shown in Fig. 6.3. Frames A and C are moment frames. Frames 1 and 3 were 
braced with X-bracing using angle members as shown in Fig. 6.2d. The loads 
are to be applied in the East-West direction. The objectives of the model tests 
are ( 1) to study the lateral load-deformation response of the dual system 
consisting of two moment frames and a concentrically braced frame, (2) to 
correlate the test results of the medium-scale model with the results from the 
prototype structure and (3) to investigate the feasibility of the quasi-static test 
method in the study of structural response to earthquake ground excitations. 
Comparison of the test results with the analytical results is also made. 
6.2 Design of the Model Structure 
6.2.1 Similitude and Modeling 
Dimensional analysis is a method used in science and engmeermg for 
obtaining the "form" of a physical law by analyzing the physical dimensions of 
the quantities involved. The method is often employed to design and inteprete 
experiments with models used to derive the relationships between the different 
quantities of interest. 
In this study, use is made of the Buckingham ;rr-theorem [30] to derive the 
dimensionless quantities( ;rr-terms), which have to be equal for both the model and 
the ptototype if perfect modeling is to be achieved. However, in realty, it is 
impossible to satisfy all the requirements for perfect modeling at the same time. 
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Table 6.1 lists the important parameters pertaining to the problem along 
with their symbols and their dimensions in the (FL T) system where (F) is the 
dimension of force, (L) is the dimension of length and (T) is the dimension of 
time. The dimenional analysis was performed with the assumptions that 
1. A length scale factor (N) of 0.3048 was selected. 
2. Elastic modulus of materials(E) and gravity acceleration(g) were the same 
in both the model and the prototype. 
That 1s, 
where D is the parameter for length and subscripts m and p stand for model 
and prototype. The three fixed parameters, D, E and g, have to be 
dimensionally independent. The other parameters in Table 6.1 are taken with 
the three parameters and a 1r-term for each parameter is derived as follows: 
(6.1) 
where P. is a parameter whose scale factor 1s to be determined. 
I 
Reducing the three fixed parameters by their dimensions and equating the 
powers of F, L and T, the unknowns a, b and c are determined and then the 
dimensionless quantity ( 1r-term) is obtained as 
(6.2) 
and the ratio(scale factor) of a parameter of the model and the prototype, 
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Table 6.1 also lists the computed scale factor of each parameter. It is 
noted that the fulfillment of the similitude requires higher density material for 
the model but in a manner that does not change the strength and stiffness 
characteristics. Practically, this will require the addition of suitably distributed 
weights to achieve the same dynamic characteristics as those of the prototype 
structure. 
6.2.2 Model Materials 
The prototype is a complex structure. Construction of a small-scale model 
of it is a difficult task, especially when the purpose of the experimental study is 
to correlate the results of the model structure with those of the prototype. The 
reliability of the experimental results depends on the accuracy of simulation of 
material and mechanical properties. This section discusses the materials used to 
construct the model structure. 
STEEL: The materials specified for the W shapes of the prototype was 
U.S. grade A36. The average yield stresses for tensile flange coupons and web 
coupons were 40.9 ksi(282 MPa) and 46.1 ksi(318 MPa), respectively. The brace 
tubes of the prototype were made of ASTM A500 B material with a specified 
mm1mum yield stress of 42.0 ksi(290 MPa), and the average yield stress for all 
the brace members was 58.2 ksi(402 MPa). 
In order to find steel materials satisfying the requirements, a large number 
of tensile coupon tests were performed on commercially available products, and it 
was decided to use materials whose strengths were about 80 percent of the 
prototype material strength; that Is, 33 ksi(230 MPa) for W shapes and 47 
ksi(320 MPa) for brace tubes. 111 
Tables 6.2 and 6.3 list the yield stresses and ultimate stresses of steel 
obtained from the tensile coupon tests. The average yield stresses of metal 
sheets(gage #7 to #12) and steel plates for W shapes were 32.36 ksi(223.3 
MPa) and 43.97 ksi(303.4 MPa), respectively, and the average yield stress of 
brace materials was 53.62 ksi(370.0 MPa). 
CONCRETE: Light weight concrete with the density of 115 pcf(1840 
kg/m3) was used for the prototype floor slab. The design compressive 
strength(r J was 3.0 ksi(21 MPa). The average compressive strength from the 
tests of 6x12 cylinders at 28 days was 4.17 ksi(28.8 MPa) and the average 
modulus of elasticity was 2170 ksi(14970 MPa). 
For the model structure, solite aggregate with a maximum size of 0.25 
inches(6.4 mm) and normal sand were used. A total of 96 cylinders(6x12) were 
prepared during casting of the concrete slabs. The average weight was 102 
pcf(1630 kg/m3), the average compressive strength of all cylinders at 28days was 
2.87 ksi(19.8 MPa), and the average modulus of elasticity of some selected 
cylinders was 2200 ksi(15180 MPa). Table 6.4 lists the material properties and 
Fig.6.4 shows the variation of compressive strengths of concrete cylinders with 
curing time. 
METAL DECK: The formed metal deck used for the composite slab m the 
prototype was equivalent to H.H.Robertson's QL-99 whose dimensions are shown 
in Fig. 2.6. The required thickness for perfect modeling is 0.063 inches(1.6 mm), 
and the required dimensions for the rib height, rib width and distance between 
ribs are 0.915, 1.83 and 3.66 inches(23.2, 46.5 and 93.0 mm), respectively. 
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Galvanized metal deck from F ABRAL with a thickness of 0.033 inches(0.84 
mm, gage #22) and a height of 1.0 inches(25 mm) was used m the model 
structure. The metal deck used has 9 percent larger dimensions than required 
for perfect modeling, but the difference is believed not to affect significantly the 
behavior of the structural members if the thickness of concrete slab above the 
metal deck rib is maintained equal to the required thickness. 
The embossment of the prototype metal deck provides bond between the 
concrete and metal deck which prevents seperation. It is, however, believed that 
the role of embossment near the main girders is negligible because the shear 
studs prevent the concrete from lifting and sliding. In the metal decks of the 
2nd floor, a similar pattern of embossment as that of the prototype was made 
by punching. Since this was too time consuming, for the metal decks from the 
3rd floor to the roof, extra screws which projected into the concrete were added 
to the model deck in the ribs for the purpose of strengthening the bond. 
SHEAR STUD: The model structure required model shear studs with a 
diameter and height of 0.27 inches(6.9 mm) and 1.56 inches(39.6 mm), 
respectively. The shear studs used in the model structure were 0.25 inches(6.4 
mm) in diameter and 1.56(39.6 mm) inches long. Shear studs on the beams of 
the braced frame were welded at a spacing of 1.8 inches( 46 mm). On the beams 
of the moment frames, two shear studs on each rib were welded directly to the 
steel beam through drilled holes on the metal deck because the galvanized 
surface of model deck made welding through the deck difficult. The spacing of 
studs on the metal deck was 4.0 inches(IOO mm) which is more than the 
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required spacmg of 3.66 inches(93.0 mm). This caused a slightly lower strength 
of the shear studs in the model structure than in the prototype. However, the 
basic design criterion for full composite action was satisfied. 
WIRE MESH: Reinforcement used in the prototype structure was 0.236 
inches(5.99 mm) in diameter spaced at 3.94 inches(lOO mm) and the yield stress 
was 57.7 ksi(398.1 MPa). For the model, a wire mesh with 0.072 inches(l.83 
mm) diameter wire spaced at 1.2 inches(30.5 mm) was required. A welded wire 
mesh with a diameter of 0.043 inches(l.09 mm) and a spacing of 0.5 inches(12.7 
mm) and a yield stress of 60 ksi( 414.0 MPa) was used. This results in a yield 
force per foot of slab width of 2.09 kips(9.3 kN), which was 89 %of the required 
force. The effect of the difference on the structural behavior is negligible. 
6.2.3 Fabrication of Members 
A total number of 192 W-shapes, 12 brace tubes and 96 angle members 
were manufactured by a local metal fabricator. Long strips were shear cut out 
of 4 ft x 8 ft(1.2m x 2.4 m) metal plates. For W-shapes, two flange strips and 
one web strip were welded using the TIC welding process as shown in Fig. 6.5. 
For tubes, two strips bent at 90 degree were welded to form square sections 
shown in Fig. 6.5. Dimensional properties of those members are listed in Tables 
6.5 and 6.6. 
After the members were delivered to Fritz Engineering Laboratory, 
stiffeners were welded on the beam members in place and shear studs on the 
girders of the braced frame were welded using a shear stud welding gun. Each 
column from the 1st to sixth story whose total length was 258 inches(6550 mm) 
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were welded usmg electrodes on the laboratory floor before erection usmg four 
W -shape members. Fig. 6.6 shows the connection details of columns. Full 
penetration butt welds were used to the webs and the flanges. For the 
connection where two W sections with different depths met, a rectangular plate 
of 0.5 inches(12.7 mm) thickness was inserted. The stiffeners for the 
beam-to-column connections and gusset plates for the angle braces were welded 
in place. 
During the welding process, the heat caused cambering of the members. 
The camber was straightened by applying concentrated load or uniform moments 
to meet the AISC Specification tolerance. 
6.2.4 Construction 
After the foundations(laboratory floor beams)(Fig. 6.7) were leveled, nme 
columns were erected on the base plates and supported laterally by temporary 
members. Construction was done floor by floor from the 1st story. The beams 
framing between the columns were first installed. The beams in the loading 
direction( south to north) were welded to the columns using fillet welds on both 
sides of the flanges and the web to simulate full moment connection(The 
connections of the prototype had welded flanges and bolted web.) as shown in 
Fig. 6.8. The beams in the east-west direction and the floor flaming beams not 
on the column lines were then attached by welded web connections to simulate 
simple shear connections as shown in Fig. 6.8. Also, the braces at the 1st story 
were installed by direct fillet welds to the beam and the column flanges.(Fig. 
6.3) 
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Metal decks were installed over the floor beams and were screwed to the 
floor beams with 3/4 inches(l9.1 mm) long screws except the beams of frames 
A, B and C. Two holes on each rib of metal deck on the moment frame were 
made and shear studs were welded directly to the steel beams. Extra screws for 
the purpose of bond between concrete and metal deck as described in the section 
6.2.2 were installed at the bottom of ribs on the lines 6 inches(1500 mm) away 
from the steel beams in the south-north direction. 
In order to hold the welded wire mesh in position, 4 ft(l.2 M) long precast 
concrete pieces with a square section of 1.55 inches(39.4 mm) were used as seats 
as shown in Fig. 6.9. Four batches of concrete were mixed at Firtz concrete 
laboratory for each floor. Sixteen 6x12 cylinders were casted at the same time 
as the concrete was poured on the floor. 
The same procedure was repeated to construct the next floor. It took 
about one month to construct each story. 
6.8 Testing Program 
6.3.1 Instrumentation and Data Acquisition 
Instrumentation of the model structure was designed to obtain the lateral 
load-deformation response and the behavior of structural members under load 
reversals, but limitation of the available data acquisition systems had to be 
taken into consideration. At the time of testing, three computer controlled data 
acquisition systems were available: the CYBER II system for up to 100 strain 
gage channels, a RDP500 system for 13 AC-LVDTs and 32 strain gage channels, 
and a MINC for control of the hydraulic actuator system. 
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Fig. 6.10 shows the instrumentation of the structure. 10 AC-LVDTs 
measured the horizontal deflection of the floors(6 on the brace frame, 2 on each 
moment frame at 5th and roof floor)(Fig. 6.11) and 3 AC-LVDTs measured the 
elongation of the south side braces at the lower three stories.(Fig. 6.12) Two 
load cells monitored the forces of the two hydraulic jacks as shown in Fig. 6.13. 
72 strain gages were placed on the columns of the braced frame and 16 strain 
gages were placed on one of the moment frames for the purpose of measuring 
moments, axial forces and shear forces of those columns. Two strain gages were 
attached to each brace to measure its axial strain. Cantilever clip gages shown 
m Fig. 6.14 were used to measure the diagonal deformation of the 
beam-to-column joint panel zones. 
All measuments were recorded at each step during tests. The data was 
processed using a microcomputer and was plotted using the main frame, CYBER 
850, at the Lehigh University Computing Center. 
6.3.2 Loading Program 
FLEXIBILITY TESTS: To study the elastic flexibility(or stiffness) of the 
model structure, each floor level loading test method was employed: A load is 
applied at each floor at a time using a hydraulic jack as shown in Fig. 6.13 
which was operated manually, and the deflections at floors were measured. In 
order to avoid damage to the concrete slab, a load causing a story shear equal 
to only about one-quarter of the story shear strength was applied. 
CYCLIC TESTS: Story shear forces of a structure during a earthquake 
vary with time. Simulation of the forces by the quasi-static test method is 
117 
difficult. Fig. 6.15 shows the loading distribution frame. Test of the model 
structure usmg loading apparatus available at Fritz Engineering Laboratory 
required a fixed single load distribution pattern. 
To accomplish the objective that is to study the lateral forces-deflection 
behavior of the model structure, it is most reasonable to apply the same load 
pattern as the design load pattern for the prototype, because the overall strength 
of each story was supposed to be distributed in accordance with this pattern. 
However, the test using a fixed loading pattern has a disadvantage that the test 
result can not be compared directly with the experimental results from the 
prototype tested using a pseudo-dynamic test technique, because of the differences 
in lateral load application. 
Fig. 6.16 shows the load distribution pattern and the corresponding story 
shears for the Lehigh model test and the distribution of story shear forces used 
in the design of the prototype structure. Slightly higher loads at the upper two 
stories was because two hydraulic jacks controlled by a actuator had to have the 
same force. 
In this cyclic tests, the loads were applied by the computer-controlled 
actuator, but were controlled by the displacement of the braced frame at the 
roof floor. Fig. 6.17 shows the load-deflection curves monitored by the computer 
and shown on the screen. In the elastic range, an 0.2 inch(5.08 mm) increment 
was used for the first 5 cycles and then an 0.1 inch(2.54 mm) increment was 
used. 
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6.4 Test Results 
6.4.1 Flexibility Tests 
The purposes of the flexibility tests are (1) to evaluate the elastic 
flexibility characteristics of the model structure and (2) to compute the natural 
frequences(periods) of the model structure so that comparison with the other 
results can be made. 
The tests were performed by applying an incremental load at each floor. 
The maximum loads applied to each floor are 6.0, 9.0, 10.0, 12.0, 12.0 and 15.0 
kips(26.7, 40.0, 44.5, 53.4, 53.4 and 66.7 kN) from the roof to the 2nd floor. 
An increment of one-third of each maximum load was used. Table 6. 7 lists the 
flexibility characteristics matrix of the model structure when the maximum forces 
were applied. 
6.4.2 Cyclic Tests 
A total of 19 cycles of loadings were applied and the test data was 
recorded at a total of 755 loading steps(hereafter noted as LS). In this section, 
the experimental data from the cyclic tests on the model structure are presented 
and the observed behavior during the tests are described. 
The experimental data are plotted m Figs. 6.18 to 6.25 as follows: 
1. The total lateral load(base shear) versus floor cyclic deflection behavior of 
the model is presented in three ways; base shear versus roof deflection{Fig. 
6.18), floor deflection history versus loading steps{LS)(Fig. 6.19) and base 
shear history versus loading steps(Fig. 6.20). 
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2. Damage patterns of the model are plotted m Figs 6.2la to 6.2ld. 
3. The story drift versus the story shear cyclic curves are presented m Fig. 
6.22. The story drift was calculated by subtracting the lateral 
displacements of two adjacent floor levels. 
4. Cyclic behavior of the three braces on which AC-1 VDTS were mounted are 
plotted in Fig. 6.23, and the axial forces versus loading steps of two braces 
are presented in Fig. 6.24. 
5. Fig. 6.25 shows the variation of the distribution of story shear in the 
braces, the braced frame and the two moment frames in terms of ratios. 
The variation of the story shear along loading history is added in terms of 
ratios of story shear to the maximum story shear reached during the tests. 
Observed Behavior: The response was primarily linear, until the applied 
load reached about the design base shear of 24.8 kips(110.3 kN) in the model 
structure. 
The first yielding was observed in the steel beam web of the composite 
beam-to-two braces joint at the 2nd floor at LS72. White wash was flaked off 
in vertical lines. The base shear was 39.6 kips(178 kN). Yielding was spreaded 
into the edges of the beam web between the two vertical stiffeners when the 
loads was increased in the subsequent cycles of displacements. Fig. 6.26 show 
yielding of the beam web of the 3rd floor beam-to-brace joint observed at LS123. 
The base shear was 46.88 kips(208.5 kN). More yieldings occurred at the 
beam-to-brace joints of the lower three floors in the later cycles of loadings. 
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This behavior was also observed in the prototype structure as well as in the 
other associated tests. The secant stiffness of the model at LS123 was about 85 
percent of the initial tangent stiffness and a small hysteresis of load deflection 
curves was observed. 
At LS157, the brace at the south side of the first story started to buckle. 
The total base shear was 49.84 kips(221.7 kN). The observed damage pattern of 
the model is shown in Fig. 6.2la. In the following cycle of loading, the brace 
buckled severely, and the other brace under tension cracked at the upper 
connection. The crack seemed to start at a welding the defect. After LS228, 
two braced at the 1st story were strengthened by adding narrow strips of steel 
plates on the four sides, which resulted in 56 percent increase in area and 5 
percent increase in radius of gyration. Also, the beam web of the beam-to-brace 
joint at the second floor was reinforced by adding a 3/16 inches(4.76 mm) thick 
plate on each side of the web. 
The load and displacement were increased in the following cycle, and the 
brace of the second story north side cracked. The upper and lower connections of 
the brace to beam flanges were torn to about a half of the brace depth on both 
sides. The tearing started at the weld between the brace and the beam flange 
at the acute angle. However, the crack did not propagate along the weld on the 
two sides but caused tearing of the both side walls of the brace. It was difficult 
to reweld and therefore small steel plates were welded on the two lateral sides of 
connections. 
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At LS361, the south side brace at the fifth story buckled out of plane, and 
at LS365 the brace at the south side of the fourth story buckled in plane. In 
the subsequent cycle, braces at the north sides of the fourth story(LS388) and 
the fifth story (LS391) buckled in plane and out of plane, respectively. A drop of 
the load from 61.04 kips(271.5 kN) to 59.62 kips(265.2 kN) was observed. The 
displacement at roof was however increased continuously up to 1.65 inches(41.9 
mm), and the load was picked up to 61.56 kips(273.8 kN). The previously 
buckled braces at the south sides were straightened under tension and took a 
larger portion of the story shear force. Fig. 6.21b shows the damage of the 
model structure observed at LS396. The base shear reached was about to 99 
percent of the maximum strength of the structure. Shear yielding in many panel 
zones of the strong axis oriented beam-to-column joints was observed.(Fig. 6.27) 
However, none of the beam and columns showed yielding due to high moment. 
The structure was loaded with roof displacements of 1.9, 2.1 and 2.2 
inches(48.3, 53.3 and 55.9 mm). At LS450(.1lroof = 1.57 inches(39.9 mm)), the 
lower connection of the brace at the south side of the fourth story cracked. The 
structure was unloaded. After the crack was rewelded, the structure was reloaded 
to the roof displacement of 1.9 inches(48.3 mm). During those loading cycles, 
the brace at the south side of the second story buckled in bi-axial direction at 
LS501, and the braces at the south and north sides of the third story buckled m 
plane at LS561 and at LS592, repectively. Fig. 6.21c shows the damage pattern 
of the structure. Yieldings of three column flanges were observed, and composite 
beams of the unbraced bay of the braced frame at the fourth, fifth and sixth 
floors showed yielding at the lower flanges. The maximum base shear of 62.42 
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kips(277.6 kN) was reached at the roof displacement of 2.1 inches(53.3 mm). The 
braces at the fourth and fifth stories started to fracture at the corners of the 
severely kinked sections and propagated across the sides(Fig. 6.28). At the 
displacement cycle of 2.2 inches(55.9 mm), the brace at the north side of the 
fourth story fractured completely. 
During the later cycles, load dropped with increase in the roof deflection. 
At the roof deflection of 2.3 inches(58.4 mm), the load was about 90 percent of 
the maximum. After the brace at the north side of the fourth story ruptured 
completely, the load reached 80 percent of the maximum base shear at the roof 
deflection of 2.4 inches(61.0 mm). More yielding in the column and beam, 
especially of the fourth and fifth stories were observed. During the cycle of 2.4 
inches(61.0 mm), the braces at the south side of the foruth and fifth stories 
ruptured completely. At the roof deflection of 2.6 inches(66.0 mm), the base 
shear was only 77 percent of the maximum base shear reached during the tests, 
and the test was terminated. 
Fig. 6.21d shows the damage of the model structure after test. More 
damage was observed in the beams and columns of the third, fourth and fifth 
stories. The maximum story drift index was 0.02 at the fourth story, which was 
13 percent larger than the maximum drift index of the prototype struture test. 
The slab during tests cracked at the sections adjacent to columns in the 
transverse direction to the loading and at the area of the beam-to-brace joints. 
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6.5 Discussion of the Test Results 
6.5.1 Overall Hysteresis Response 
The overall cyclic behavior as shown m Fig. 6.18, before the brace at the 
first story buckled, was primarily linear with a little hysteresis loops at loads 
higher than the design load. The observed behavior responsible for the hysteresis 
behavior is (1) that the small eccentricities of the brace connections to beams 
caused high shear forces in the beam webs which resulted in early yielding(Fig. 
6.26) and (2) that the cracks of the concrete slab under load reversals beyond 
design force took place. 
The overall hysteresis behavior of the model with increase in roof deflection 
was very stable, although some braces underwent buckling, and the load did not 
drop below 88 percent of the maximum base shear reached during the tests until 
any rupture of the buckled braces occurred under load reversals. This behavior 
was also clearly observed in the story drift versus story shear force diagram(Fig. 
6.22). This happens because the previously buckled brace still can pick up 
considerable tension upon load reversal if it is not ruptured.(Fig. 6.24 shows that 
the brace at the south side of the fourth story, which buckled at LS365, picked 
up more tension at LS396 after the other brace buckled at LS 388.) and the 
redistribution of the story shear force to the moment-resisting frames surrounding 
the braces occurred. 
The overall ductility of the model structure was about 2.3 with the 
limitation of 85 percent of the maximum strength reached during tests, and the 
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overall drift index was 1/112 which indicates that the dual lateral force resisting 
system consisting of a braced frame with K-bracing and momentg frames does 
not posses enough displacement ductility even though the two structural systems 
work together well until rupture of the braces. 
6.5.2 Story Shear versus Story Drift 
Table 6.8 summarizes the story drift of each story reached during the tests 
with the maximum story shears. 
The fourth story underwent most inelastic deformation as shown in Fig. 
6.22. The deformation resulted from large buckling and ruptures of the two 
fraces. The story drift ductility was about 3.25 with the drift index of 
0.016(1/62.5) at 85 percent of the maximum strength. As the story drift 
increased, the story stiffness was rapidly decreasing once the braces buckled, but 
the strength envelope remained at almost equal magnitude. The fifth and third 
stories also underwent large inelastic deformation and 2nd story underwent 
moderate buckling. 
The first story behaved elastically after the buckled brace was repaired and 
none of structural members of the sixth story showed inelastic deformation. 
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6.5.3 Behavior of Braces 
The cyclic curves of the axial elogation versus axial force of three braces 
and the axial force history are shown in Figs 6.23 and 6.24. 
The elongations were measured by the AC-LVDTS mounted on braces 
about 10 inches(254 mm) away from the ends(Fig. 6.12), and therefore the 
measument was not the total elongation of the members between two ends. The 
axial forces were computed from the readings of two strain gages attached at the 
one-quarter span where the least inelastic deformation was expected to occur. 
However, the measured axial force may not be very accurate at large 
deformation(near its strength), because of the high residual stresses introduced 
during welding process and because of the high load reversals. 
Despite these errors, the overall axial elongation versus axial force behavior 
of the braces under cyclic loading is believed to be acceptable for the purpose of 
studying brace response. In the elastic range of the structure, the braces were 
taking the same amount of the story shear force under tension and compression. 
Upon buckling, the compressive strength deteriorated very rapidly but the tensile 
strength was gradually decreased with the increase in the story drift until a 
rupture occurred. 
Table 6.9 lists the forces measured at the time of buckling and the 
calculated buckling force using the formula (1.5-1) of the AISC Specification 
without the safety factor [3] with k=0.65. The comparison indicates the very 
strong fixity of the boundary connections. 
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6.5.4 Distribution of Story Shear Force 
Fig. 6.25 was plotted to demonstrate the distribution of the story shear 
force m the braces, the braced frame and moment frames in the elastic range 
and the transfer of the force to the moment frames when a structural members 
failed. Table 6.10 lists the ratio of the story shear components in the braced 
frame and in the moment frames with the predicted values before test [12]. 
In the lower three stories, the two moment frames of the model took a 
smaller portion of the story shear force than the predicted, but the predicted 
and the experimental ratios in the upper three stories agree well. The ratio of 
the design shear force in moment frames and the braced frame was 19 and 81 
percent. 
When the braces was appoaching their strengthes, they took a slightly 
larger portion of the story shear force as shown in Fig. 6.25, but buckling of 
brace caused rapid transfer of the shear force to the moment frames. After both 
braces fractured, two exterior moment frames picked up about 60 percent of the 
story shear. 
6.5.5 Experimental Results vs. Design(U.B.C.) 
The prototype structure as well as the model structure was designed to 
satisfy the requirements of both the 1979 Uniform Building Code(U.B.C.) [76] 
and the 1981 Japanese Aseismic Code. A major difference was in the magnitude 
of the base shear used in the static design procedure, and therefore a suitable 
compromise was reached by the use of base shear coefficient of 0.197 which 
resulted in the design base shear of the model of 24.86 kips(110.6 kN). 
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The flexbility matrix of the model structure from each level loading tests 
were inverted to calculate the stiffness matrix. To compare the fundamental 
periods of the structure, it was necessary to take extra masses into consideration 
as explained in section 6.2.1, such that a direct comparison could be made with 
other results. Table 6.11 lists the three fundamental mode periods with those of 
the prototype in mode scale. The computed design fundamental period according 
to U.B.C. was 0.278 second in model scale which is 79 percent of the 1st mode 
period of the model. 
The maximum base shear force reached during the tests were 50.82 
kips(226 kN) before the first story brace buckled and 62.42 kips(277 .6 kN) after 
the brace was strengthened. During the tests, it was noticed that the strength 
of the structure was determined by the strength of one of the stories because a 
single loading distribution pattern was used. Also, the strength of a story was 
determined by the strengthes of braced members at the story. Beams and 
columns m a story did not undergo any yielding defore a buckling of brace 
occurred and after the buckling the strength was decreased. 
A comparison of experimentally obtained strength of the model structure, 
when the 1st story brace buckled, with the designed strength can be made as 
follows: The radius of gyration and the yield stress of the first story brace of 
the model were smaller than those required in the design by 15.4 and 7.2 
percent, respectively. Using the AISC formula (1.5-1), the buckling strength of 
the model brace of 25.36 kips(112.8 kN) corresponds to the K value of 0.85. If 
the model brace fulfills the requirement of similitude, its buckling strength with 
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K=0.85 becomes 30.62 kips(l36.2 kN), and the extrapolated strength of the 
model structure when the brace buckles is 61.36 kips(272.9 kN). This value is 
close to the maximum base shear reached during the tests. 
The design base shear of the structure needs to be increased by the safety 
factor of 0.6(F )x4/3=0.8. Then, the comparison is made as y 
(Strength)m 61.36 
----= =1.98 (Strength)d 24.8/0.8 
The experimental strength of the model was stronger than the design by a factor 
of about 2. 
6.5.6 Model vs. Prototype 
The flexibility characteristics of the model structure were compared with 
those of the prototype in Table 6.12. The overall flexibility of the model in 
terms of roof deflection with an unit loa9 applied at roof was higher than the 
prototype by about 11.2 percent, and each story of the model was more 
flexible(less flexible in the 6th story) than that of the prototype by -3.0, 10.4, 
14.6, 7.7, 17.7, 19.5 percent from the 6th to the 1st story, respectively. The 
flexibility of the base floor beams(foundation) was primarily responsible for the 
more flexbility in the lower stories of the model. A direct comparion of the 
natural periods of two structures could be made with the scale factor of 
.JN = 0.552. Table 6.11 lists the three fundamental mode periods. The difference 
was less than 5 percent. 
The correlation between the overall behavior of the model and the 
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prototype was limited by the difference in story shear force distribution, 
especially when the pseudo-dynamic testing of the prototype allowed for the 
redistribution of story shears once a specific story softened due to brace buckling. 
However, propagation of damages in a story was reproduced in the same way. 
The strength of the model was smaller than that of the prototype by 8.9 percent 
in terms of the base shear. The testing techniques was partly responsible for 
the decrease of the strength in the model. 
6.5. 7 Analytical vs. Experimental 
A static incremetal inelastic analysis was performed on the model structure 
and the results were compared to the experimental results. The DRAIN-2D 
program, to which subroutines for composite beam elements and composite beam 
to column panel zone elements were implemented and which was modified for 
static inelastic analysis, was used for this analysis. 
Fig. 6.29 shows the companson of the results. The experimental skeleton 
curves were obtained by connecting the peak points of the cyclic curves in the 
positive and negative loadings. Two analytical curves were also plotted: analysis 
1 performed before the tests and analysis 2 after the test finished. The analysis 
2 included the shear beam elements at the beam-to-brace joints which were 
subjected to high shear and yielded during the tests and elastic spring elements 
at the bottoms of the columns of the braced frame to simulate the flexible 
foundation. The stiffnesses of the springs were computed according to the dial 
gage readings taken during the tests. 
Comparisons are made as follows: 
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1. The overall strength of the model was predicted accurately usmg the 
program DRAIN-2D. 
f 
2. The analytical elastic stiffness of the model from analysis 1 was 12 percent 
higher than the experimental. 
3. The analytical prediction of the load-deflection behavior from analysis 2 
gave good correlation with the experimental results. 
4. The decrease of the experimental stiffness between the loads of 30 
kips(133.4 kN) and 50 kips(222.4 kN) was due to shear yielding of the 
beam webs at the beam-to-brace joints. 
6.6 Summary 
A six-story 0.305 scale model building structure which had a dual 
lateral-force-resisting bracing system was tested cyclically using quasi-static 
testing technique. An inverted triangular lateral load pattern according to the 
UBC design loads was used. The test results are summarized as follows: 
1. Overall hysteresis behavior of the model was stable and the strength of the 
structure was limited by the buckling strength of the braces in a story. 
2. Buckling of one of the patr of braces m a story caused a rapid 
deterioration of the stiffness of the model, but the strength did not drop 
rapidly until one of the braces ruptured. 
3. Dual system consisting of a concentrically braced frame and moment frames 
may not posses very large ductility, because of buckling of braces. 
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4. Quasi-static test method usmg an inverted triangular lateral load 
distribution caused a damage concentration in the first story, and in the 
fourth anf fifth stories after the buckled brace of the first story was 
repaired. 
5. Tubular braces are susceptible to severe local buckling after the brace 
buckles. The buckling of a brace causes initiation of cracks at the corners 
and finally rupture of the brace under load reversals. 
6. The experimental strength of the model was stronger than the ultiumate 
designed strength by a factor of 2. 
7. The natural frequency and the strength of the model and the prototype are 
in good agreement. 
8. The analytical load-deformation curve coincides well with the experimental 
results. 
' 
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Chapter 7 
SUMMARY, CONCLUSIONS AND RECOMMENDATIONS 
The effect of the composite slab on the flexural behavior of a steel building 
structure under wind or seismic loading and cyclic behavior of a dual 
lateral-force-resisting system has been investigated in this research. Experimental 
studies were performed on three types of composite beam-to-column joint 
speCimens. Experimental results with emphasis on the seismic characteristics of 
composite beam and composite beam-to-column joint panel zone were presented 
and discussed. A two-step analysis approach using the finite element method 
was proposed for the analysis of the inelastic behavior of composite beam to 
column joints, and the validity of this approach was confirmed by the 
comparison of the analytical results with the test results. Parametric studies 
were carried out to develop mathematical models of two structural elements, and 
they were implemented to the inelastic dynamic program DRAIN-2D. Tests of a 
six-story model building structure which had a dual system were performed and 
its experimental results were discussed with regard to the dynamic characteristics, 
the design forces and the test results from the prototype. 
made usmg the DRAIN-2D was compared with the 
Analytical prediction 
model test results. 
Important findings, suggestions and recommendations from this investigations are 
summarized as follows: 
Findings 
1. Composite slab in a steel building structure caused a substantial mcrease m 
the stiffness and strength of the composite beam and composite 
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beam-to-column joint panel zone. It is necessary to understand the effect 
of the presence of composite slab on the structural members in order to 
maintain the favorable plastic hinge formation designed by the strong 
column-weak beam concept for earthquakes. 
2. The hysteresis curves of the composite beam-to-column joints were stable 
and repetitive, but showed a slight pinching. The opening and closing of 
the concrete slab cracks under load reversals were responsible for the 
pinching and caused a negligible increase of the energy absorption and 
dissipation capacity of the joint comparmg to the bare steel 
beam-to-column joints. 
3. The ultimate strength of a composite beam subjected to positive moment 
adjacent to the leeward side of column can be determined with the 
assumptions that the steel beam is fully yielded and the concrete slab 
which is in contact with the column is effective and the strength of 
concrete is 1.4r . 
c 
4. Contribution of the web of a steel beam on the strength of a composite 
beam under positive moment must be evaluated properly. The bolted-web 
connection which is designed according to the AISC Specification(AISC 
1.11.3) is found to be less than the web capacity and thus reduce the 
ultimate strength of the composite beam. 
5. When a composite beam-to-column joint is subjected to forces due to 
seismic ground motion, the effective slab width of the composite beam for 
the computation of the elastic stiffness may be determined by the three 
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parameters: aspect ratio(B/1), width of contact area between slab and 
column, and the torsional stiffness of lateral beams. The effective width 
acoording to the AISC Specification may overestimate the strength and 
stiffness of a composite beam. 
6. The stiffness and the strength of shear studs in a composite beam under 
load reversals can be reduced significantly. Cumulative damage between 
concrete slab and steel beam caused the decrease of the stiffness of a 
composite beam by as much as 14 percent. 
7. Panel zone showed excellent inelastic hysteresis behavior and a considerable 
reserve strength capacity beyond yielding. The increase in the stiffness and 
strength of composite beam-to-column joint panel zone due to composite 
slab can be estimated by the enlarged depth of the composite beam. 
8. The composite beam-to-column joint with flange connection(Specimens 
EJ-FC and IJ-FC) showed large ductility because the panel zone provided a 
large portion of ductility, but the joint with web connection( specimen 
EJ- WC) failed earlier. Too high ductility demand on the web-connected 
composite beam and the less ductility of the connection type was 
responsible. 
9. The proposed analytical models for composite beam and composite 
beam-to-column joint panel zone give good agreement with the experimental 
results. The models can be utilized in the nonlinear dynamic analysis of 
steel building structure with composite slab. 
10. The strength of a dual lateral-force-resisting system consisting of a 
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concentrically braced frame and moment resisting frames is limited by the 
strength of the braces. Buckling of one of the pair braces caused a rapid 
decrease in the stiffness of a story, but the strength deteriorated gradually 
until a brace ruptured. 
11. The fixity of the connection of concentric tubular braces was strong, but 
the braces were susceptible to local buckling after global buckling which 
eventually caused ruptures. 
Recommendations for Future Research 
1. The seismic characteristics of the composite beam-to-column joint with web 
connection requires further study. Emphasis should be focused upon the 
ductility of the connection and the details to improve its ductility. 
2. Cyclic behavior of partial composite beam subjected to seismic forces 
requires further study, as the cyclic loading caused a significant reduction 
of the stiffness and the strength of shear studs. 
3. Effectiveness of the slab reinforcement of a composite beam-to-column joint 
under negative moment on the strength and the stiffness of composite beam 
needs further research. Requirement of the shear studs in this area should 
be investigated. 
4. As the panel zone's role becomes important for the resistance of steel 
building structure under earthquakes, the effect of high axial force needs to 
be understood more clearly. The P-b. effect of the high axial force on the 
inelastically deformed panel zone needs further study. 
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5. The local buckling of the tubular steel braces should be precluded in a 
concentrically braced frame under cyclic loadings. The effect of the 
width-thickness ratio of the braces with respect to the ultimate cyclic 
deformability without rupture needs further research. 
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Table 2.1 MECHANICAL PROPERTIES OF STEEL MEMBERS 
STATIC YIELD ULTIMATE ELONGATION MODULUS OF 
SECTION STRESS STRESS ELASTICITY 
(MPa) (MPa) (percent) (MPa) 
Flange 262.7 440.6 28.4 196300. 
W18X35 
Web 260.6 439.1 29.0 204100. 
Flange 236.3 428.3 21.0 219600. 
W10X60 
Web 244.0 409.4 29.7 218300. 
Flange 250.9 461.1 29.7 198000. 
W12X66 
Web 270.2 469.8 29.1 216800. 
Flange 241.9 446.7 28.2 204600. 
W12X72 
Web 261.7 449.1 28.1 214600. 
Table 2.2 PROPERTIES OF CONCRETE CYLINDERS 
COMPRESSIVE WEIGHT MODULUS OF 
SPECIMEN AGE STRENGTH DENSITY ELASTICITY 
(MPa) (kg/m3 ) (KPa) 
EJ-FC 
IJ-FC 28 days 36500. 2006.4 22930. 
EJ-WC 
EJ-FC 89 days 43800. 26460. 
IJ-FC 166 days 38640. 23880. 
EJ-WC 226 days 41500. 24790. 
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Table 2.3 EXPERIMENTAL DATA OF SPECIMEN EJ-FC 
LOAD TOTAL TOTAL BEAM PANEL ZONE 
POINT LOAD DEFLECTION ROTATION DISTORTION 
(LP) (kN) (mm) (ra.d.) (ra.d.) 
1+ 31.73 2.97 .00069 .00060 
1 -22.83 -2.61 -.00048 -.00047 
4+ 49.83 4.81 .00117 .00109 
4 -47.67 -6.00 -.00122 -.00116 
7+ 72.90 7.16 .00168 .00109 
7 -63.44 -8.84 -.00196 -.00166 
10+ 96.92 10.09 .00224 .00136 
10 -76.16 -11.66 -.00220 -.00246 
13+ 114.40 13.89 .00246 .00288 
13 -82.97 -14.91 -.00267 -.00361 
16+ 160.76 33.36 .00369 .01284 
16 -114.28 -36.40 -.00443 -.01286 
19+ 187.36 63.79 .00664 .02061 
19 -130.76 -66.96 -.00698 -.02138 
22+ 194.06 76.42 .00782 .02933 
22 -143.11 -76.67 -.01061 -.02946 
26+ 197.63 101.67 .00823 .03972 
26 -162.41 -93.76 -.01663 -.03763 
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Table 2.4 EXPERIMENTAL DATA OF SPECIMEN IJ-FC 
LOAD LOAD AT LOAD AT DEFLECTION PANEL ZONE 
POINT RIGHT p1 LEFT P 2 AT RIGHT DISTORTION 
(LP) (kN) (kN) (mm) (rad.) 
4+ 38.77 27.34 4.76 .00080 
4 -22.64 -32.08 -3.26 -.00004 
7+ 68.64 38.94 7.01 .00124 
7 -37.49 -48.43 -6.68 -.00026 
10+ 74.74 49.26 9.42 .00183 
10 -60.73 -66.41 -7.70 -.00069 
13+ 87.36 61.92 11.88 .00297 
13 -61.66 -82.16 -9.84 -.00120 
16+ 131.27 68.38 28.47 .01100 
16 -83.66 -136.03 -22.87 -.00716 
19+ 168.81 73.14 40.18 .01742 
19 -70.79 -170.63 -37.84 -.01612 
22+ 167.30 72.67 67.62 .02707 
22 -88.92 -170.13 -63.24 -.02611 
26+ 162.83 88.30 78.10 .03666 
26 -99.76 -167.26 -71.08 -.03833 
28+ 149.93 94.14 94.24 .04386 
28 -107.67 -149.39 -88.96 -.04723 
31+ 142.44 106.68 112.83 .06326 
31 -118.99 -148.64 -107.81 -.06744 
34+ 146.23 107.87 129.73 .08313 
34 -129.70 -137.71 -126.09 -.08968 
37+ 143.28 118.84 166.86 .07894 
37 -148.29 -122.73 -162.23 -.08329 
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Table 2.5 EXPERIMENTAL DATA OF SPECIMEN EJ- WC 
LOAD TOTAL TOTAL BEAM PANEL ZONE 
POINT LOAD DEFLECTION ROTATION DISTORTION 
(LP) (kN) (mm) (rad.) (rad.) 
1+ 28.71 3.44 .00061 .00069 
1 -18.96 -3.18 -.00066 -.00026 
4+ 60.66 7.24 .00096 .00097 
4 -36.43 -6.74 -.00126 -.00038 
7+ 89.71 11.04 .00162 .00131 
7 -64.14 -9.96 -.00174 -.00072 
10+ 114.73 14.66 .00218 .00162 
-10 -74.60 -13.44 -.00232 -.00089 
13+ 123.22 16.16 .00248 .00176 
13 -93.33 -16.76 -.00266 -.00096 
16+ 177.07 33.82 .00726 ·.00249 
-16 -140.64 -36.26 -.00920 -.00112 
19+ 199.08 56.40 .01340 .00432 
19 -126.28 -59.69 -.02362 .00011 
22+ 200.76 86.66 .02217 .00660 
22 -106.28 -83.94 -.04328 .00183 
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Table 2.6 EXPERIMENTAL VS. PREDICTED STRENGTHES OF ELEMENTS 
SPECIMEN ITEMS EXPERIMENTAL PREDICTED 
(kN) (kN) 
COMPOSITE BEAM POS. 194.0 234.0 
STRENGTH 
NEG. 143.1 138.6 
EJ-FC PANEL ZONE POS. 108.0 97.9(116.7*) 
GENERAL YIELDING 
NEG. 77.0 86.4 
BOUNDARY FRAllE POS. 186.0 119.7 
YIELDING 
NEG. 114.3 106.2 
COMPOSITE BEAM POS.+ NOT REACHED 398.7 
STRENGTH NEG. 
IJ-FC PANEL ZONE POS.+ 136.0 128.9 
GENERAL YIELDING NEG (144. 4 *) 
BOUNDARY FRAllE POS.+ 241.3 166.6 
YIELDING NEG. 
COMPOSITE BEAM POS. 199.1 264.6 
STRENGTH 
NEG. 140.6 140.4 
EJ-WC PANEL ZONE POS. 199.1 167.6 
YIELDING 
NEG. NOT REACHED 162.6 
COLUMN POS. 199.1 186.4 
YIELDING 
NEG. NOT REACHED 186.4 
note: * Values modified after tests with the increased Db+ 
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Table 2.7 EXPERIMENTAL VS. PREDICTED STIFFNESS OF ELEMENTS 
SPECIMEN ITEMS EXPERIMENTAL PREDICTED 
COMPOSITE BEAM POS. 4.370 w4 5.935 
(Icomp) 10-4 
NEG. 2.842 2.502 
EJ-FC PANEL ZONE POS. 116581. kN-.M 97751. 
:ELASTIC 
(.6..M(1-p)/lp) NEG. 90478. 88246. 
PANEL ZONE POS. 8277. 7251. 
:POST-ELASTIC 
NEG. 6244. 6538. 
PANEL ZONE POS.+ 156925. 119080. 
IJ-FC :ELASTIC NEG 
PANEL ZONE POS.+ 11088. 8206. 
:POST-ELASTIC NEG 
COMPOSITE BEAM POS. 4.995 5.888 
EJ-WC 10-4 
NEG. 2.760 2.502 
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Table 3.1 ANALYTICAL VS. EXPERIMENTAL OF COMPOSITE BEAMS 
ITEMS SPECIMEN EXPERIMENTAL ANALYTICAL 
POS. 46064. 61364. 
EJ-FC 
STIFFNESS NEG. 32367. 34920. 
(M/E>b) 
(kN-M) POS. 62630. 62886. 
EJ-WC 
NEG. 32120. 34710. 
POS. 194.0 198.6 
EJ-FC 
STRENGTH NEG. 143.1 144.0 
(P) 
(kN) POS. 199.1 207.0 
EJ-WC 
NEG. 140.6 144.6 
Table 3.2 ANALYTICAL VS. EXPERIMENTAL OF COMPOSITE PANEL 
ZONES 
ITEMS SPECilofEN EXPERilofENTAL . ANALYTICAL 
POS. 108.0 124.0 
GENERAL YIELDING EJ-FC 
A STRENGTH NEG. 77.0 87.0 
(P : kN) 
IJ-FC POS.+ 136.0 162.0 
NEG. 
POS. 8277. 6873. 
POST-ELASTIC EJ-FC 
STIFFNESS NEG. 6244. 4719. 
(LlM/'rp) 
(kN-M) IJ-FC POS.+ 11086. 8992. 
NEG. 
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Table 4.1 SU.MMARY OF TEST DATA 
" TEST STEEL SLAB RIB COLUMN f'c uyf uyw REF. 
SPECIMEN SECTION DEPTH HEIGHT WIDTH 
(mm) (mm) (mm) (MPa) (MPa) (MPa) 
A1 W12X27 101.6 304.8 23.46 379.5 405.0 32 
A2 W12X27 101.6 304.8 23.46 379.5 405.0 32 
B1 W12X27 101.6 304.8 24.50 379.5 405.0 32 
B2 W12X27 101.6 304.8 24.50 379.5 405.0 32 
C1 W12X27 101.6 304.8 30.98 379.fj 405.0 32 
C2 W12X27 101.6 304.8 30.98 379.5 405.0 32 
D1 W12X27 101.6 304.8 31.46 379.5 405.0 32 
D2 W12X27 101.6 304.8 31.46 379.5 405.0 32 
E1 W12X27 63.5 38.1 304.8 28.91 373.3 383.6 32 
E2 W12X27 63.5 38.1 304.8 28.91 373.3 383.6 32 
F1 W12X27 63.5 38.1 304.8 28.98 373.3 383.6 32 
F2 W12X27 63.5 38.1 304.8 28.98 373.3 383.6 32 
G1 W12X27 101.6 304.8 42.44 373.3 383.6 32 
H1 W16X40 101.6 304.8 25.81 379.5 390.5 32 
H2 W16X40 101.6 304.8 25.81 379.5 390.5 32 
B44 W12X27 101.6 457.2 21.94 396.1 403.7 31 
B64 W12X27 101.6 457.2 22.91 396.1 403.7 31 
B84 W12X27 101.6 457.2 17.25 396.1 403.7 31 
J1 W16X40 101.6 406.4 27.60 251.2 276.0 25 
J2 W16X40 101.6 406.4 27.60 251.2 277.4 25 
Cll W10X19 88.9 165.1 20.49 255.3 299.5 79 
C12 W10X19 88.9 205.5 20.49 255.3 299.5 79 
JA1 W33X152 120.0 80.0 400.0 24.36 254.2 293.5 45 
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Table 4.2 COMPUTATION OF K AND 4K 
\. 
TEST STEEL ULTIMATE K 4K 
SPECIMEN SECTION MOMENT 
(kN-M) 
A1 W12X27 384.6 1.67 1.49 
A2 W12X27 371.8 1.48 1.41 
B1 W12X27 369.9 1.46 1.37 
B2 W12X27 372.2 1.46 1.38 
C1 W12X27 387.8 1.44 1.30 
C2 W12X27 383.6 1.41 1.28 
D1 W12X27 396.2 1.48 1.33 
D2 W12X27 400.9 1.61 1.36 
E1 W12X27 362.0 1.44 1.41 
E2 W12X27 341.1 1.36 1.33 
F1 W12X27 347.8 1.40 1.37 
F2 W12X27 366.6 1.47 1.44 
G1 W12X27 411.3 1.47 1.27 
H1 W16X40 698.0 1.61 1.47 
82 W16X40 692.0 1.49 1.46 
B44 W12X27 461.3 1.69 1.63 
B64 W12X27 464.0 1.68 1.61 
B84 W12X27 438.9 1.78 1.68 
J1 W16X40 666.1 1.38 1.26 
J2 W16X40 676.3 1.44 1.31 
Cll W10X19 164.6 1.67 1.63 
C12 W10X19 173.7 1.62 1.46 
JA1 W33X162 3427. 1.62 1.47 
AVERAGE 1.601 1.406 
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Table 6.1 SCALE FACTORS OF MODEL PARAMETERS 
\ NO PARAMETER SYMBOL DIMENSION S.F. 
1 Strain f 1 
2 Stress (J F L-2 1 
3 Length(•) D L N 
4 Moment of Inertia. I L4 ~ 
6 Displa.cememt t:.. L N 
6 Plastic Moment M F L N3 p 
7 Lateral Force pl F N2 
8 Stiffness K F L-1 N 
9 Elastic llodulus(•) E F L-2 1 
10 Weight w F N2 
11 Time t T vN 
12 Frequency w T-1 11.JN 
13 Acceleration(•) g L T-2 1 
14 Mass m F L-1 T2 N2 
16 Velocity v L T-1 vN 
Table 6.2 MATERIAL PROPERTIES OF STEEL FOR W SHAPES 
STATIC YIELD DYNAMIC YIELD ULTIMATE 
MATERIAL STRESS STRESS STRESS 
(MPa.) (MPa.) (MPa.) 
Gage #7 198.8 208.4 316.8 
Gage #10 196.9 210.4 322.0 
Gage #11 234.9 251.7 343.0 
Gage #12 206.6 222.1 323.2 
Plate 1/4 272.4 286.5 462.1 
Plate 6/18 289.0 302.1 489.0 
Plate 3/8 298.8 311.7 441.0 
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Table 6.3 MATERIAL PROPERTIES OF BRACE MEMBERS 
MEMBER STATIC YIELD DYNAMIC YIELD ULTIMATE STUB COL. 
STRESS STRESS STRESS STRESS 
(.MPa.) (.MPa.) (.MPa.) (.MPa.) 
4x4x3/16 301.1 321.7 480.0 349.7 
5x5x3/16 301.1 321.7 480.0 349.7 
5x5x1/4 413.1 430.3 554.7 412.4 
6x6x1/4 413.1 430.3 564.7 403.5 
6x6x1/2 327.6 344.8 499.7 269.0 
Table 6.4 CONCRETE PROPERTIES 
FLOOR 7 DAYS 28 DAYS TEST DAYS 
(MPa) (MPa) (MPa) 
ROOF FL. 11.95 15.72 16.68 
6TH FL. 11.38 15.38 15.82 
.I 
5TH FL. 13.24 17.65 20.48 
4TH FL. 17.93 24.00 28.41 
3RD FL. 15.86 21.72 23.00 
2ND FL. 17.53 24.41 29.86 
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Table 6.5 SECTION PROPERTIES OF MODEL STEEL MEMBERS 
' 
Section Member D B tw tf A r* 
(in) (in) (in) (in) (in2 ) (in4 ) 
W10x33 c2,c3,c4 2.97 2.43 0.100 0.130 0.903 1.441 
W10x39 c3 3.02 2.43 0.100 0.162 1.0o7 1.773 
W10x49 c1 3.06 3.00 0.100 0.17o 1.339 0.828 
W10x60 c4 3.11 3.07 0.130 0.20o 1.610 2.873 
W12x40 co 3.68 2.14 0.100 0.17o 1.082 2.610 
W12xo0 c3 3.71 2.68 0.119 0.17o 1.492 3.73o 
W12xo3 c2 3.68 3.0o 0.100 0.175 1.401 3.589 
W12x6o c2,c3 3.68 3.66 0.119 0.175 1.677 4.304 
c1 3.68 3.66 0.119 0.175 1.677 1.430 
W12x72 co 3.73 3.67 0.130 0.205 1.836 5.076 
W12x79 c1 3.82 3.48 0.130 0.250 2.177 5.965 
c4 3.77 3.68 0.130 0.225 2.088 o.606 
W12x87 c2 3.82 3.70 0.157 0.250 2.371 6.383 
c1 3.82 3.70 0.175 0.250 2.431 6.438 
W12x106 c4,c5 3.95 3.73 0.175 0.320 2.868 8.413 
W12x136 co 4.07 3.78 0.250 0.390 3.771 10.76 
W16x31 G1 4.84 1.68 0.100 0.130 0.895 3.224 
G2 4.84 1.68 0.084 -0.130 0.822 3.088 
W18x35 G1 5.40 1.76 0.100 0.130 0.972 4.310 
G2 5.40 1.76 0.092 0.130 0.830 4.218 
W18x40 G1,G2 o.48 1.84 0.100 0.17o 1.085 o.122 
1.0 inche• = 25.4 
-
* 
I value for c1 i• for weak axis bending 
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Table 6.6 PROPERTIES OF BRACE MEMBERS 
Section B D t A I r 
(in) (in) (in) (in2 ) (in4 ) (in) 
4x4x3/16 1.30 1.20 0.069 0.282 0.067 0.489 
6x6x3/16 1.69 1.61 0.068 0.346 0.126 0.606 
6x6x1/4 1.67 1.63 0.076 0.460 0.161 0.698 
6x6x1/4 1.86 1.83 0.076 0.647 0.283 0.719 
6x6x1/2 1.63 1.68 0.173 0.962 0.313 0.670 
1.0 inches = 26.4 mm 
Table 6.7 EXPERIMENTAL FLEXIBILITY MATRIX OF MODEL 
Unit: inches/kips 
Floor Roof 6th 6th 4th 3rd 2nd 
Roof 0.0290 0.0226 0.0163 0.0113 0.0072 0.0033 
6th 0.0230 0.0217 0.0161 0.0113 0.0071 0.0034 
6th 0.0167 0.0161 0.0160 0.0107 0.0089 0.0032 
4th 0.0113 0.0110 0.0106 0.0098 0.0084 0.0030 
3rd 0.0071 0.0068 0.0087 0.0082 0.0069 0.0030 
2nd 0.0032 0.0032 0.0031 0.0028 0.0029 0.0026 
1.0 inches/kips = 6.710 mm/kN 
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Table 6.8 STORY DRIFT OF MODEL AND PROTOTYPE 
' 
Story Model Prototype 
Drift(index) Drift(index) 
6th 0.183in(0.0045) 0.143in(0.0035) 
5th 0.78Qin(0.01Q3) 0.256in(0.0063) 
4th 0.828in(0.0203) 0.361in(0.0088) 
3rd 0.062in(0.0127) 0.666in(0.0163) 
2nd 0.338in(0.0083) 0.72lin(0.0177) 
1st 0.36lin(0.0065) 0.56Qin(0.0104) 
1.0 inches = 25.4 mm 
Table 6.9 BUCKLING STRENGTH OF BRACES 
Story Brace 
North South AISC(K=0.66) 
5th 18.27kips 17.23 14.65 
4th 1Q.63 23.41 21.70 
3rd 26.71 25.36 27.80 
2nd 34.07* 27.80 
1st 25.36 21.82 
* Connection of the brace was reinforced 
1.0 kips= 4.448 kN 
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Table 6.10 DISTRIBUTION OF STORY SHEAR 
Story Model Test Predicted 
Moment Braced Moment Braced 
Frames Frame Frames Frame 
6th 16.3% 83.7 17.0 83.0 
5th 15.9 84.1 14.0 86.0 
4th 14.6 86.4 14.0 86.0 
3rd 11.4 88.6 15.0 85.0 
2nd 11.5 88.5 14.0 86.0 
let 16.2 84.8 24.0 76.0 
Table 6.11 FUNDAMENTAL PERIODS 
let 2nd 3rd 
Model 0.353 sec. 0.119 0.071 
Prototype 0.338 0.123 0.072 
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Table 6.12 STORY FLEXIBILITY OF MODEL AND PROTOTYPE 
unit: inches/kips 
Story Force at 
Roof 6th 5th 4th 3rd 2nd 
model 1.833 
6th proto. 1.886 
ratio 0.970 
model 1.921 1.717 
5th proto. 1.730 1.564 
ratio 1.110 1.098 
model 1.656 1.547 1.261 
4th proto. 1.340 1.327 1.216 
ratio 1.236 1.166 1.037 
model 1.272 1.323 1.166 1.037 
3rd proto. 1.139 1.160 1.106 1.040 
ratio 1.117 1.160 1.045 0.997 
model 1.178 1.096 1.096 1.037 0.921 
--2nd proto. 0.904 0.927 0.938 0.926 0.827 
ratio 1.303 1.181 1.167 1.121 1.114 
model 0.988 0.949 0.949 0.866 0.872 0.769 
let proto. 0.714 0.769 0.768 0.782 0.769 0.738 
ratio 1.384 1.260 1.260 1.107 . 1.149 1.028 
1.0 inches/kips = 6.71 mm/kN 
_) 
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APPENDIX A. 
Partial-Interaction Theory of Composite Beam 
--) ~ 
X dx 
Fig. A.l 
Load-slip relationship of a connector m a composite beam 1s 
where 
t q = k 8 
t = spacing of conncetors 
k =stiffness of a connector 
s =slip 
q =interface longitudinal shear per unit length 
For the equilibriums, 
dF 
-=-q dz 
dMc 1 
-+V =(-H +H)q dx c 2 c r 
Vc + V, = V(x) 
For the elasticity, 
dM, 1 
-+V =-H q 
dx 6 2 • 
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(A1) 
(A2) 
(A3) 
(A4) 
(A5) 
(A6a) 
(A6b) 
And, for the compatibility, 
(A7) 
1 1 
where Hd = -H +-H +H. 2 c 2 s r 
Differentiating Eq.(A7), 
d2s difi dF 
-=-H--A 
dx2 dx d dx 0 (AB) 
Eliminating M
8 
and Me from Eq.(A3) and Eq.(A5) and usmg Eq.(A4), 
(A9) 
where I = E I + E I 
0 s s c c 
Then, from Eq.(A8) and Eq.(A2), 
(AlO) 
Substituting Eq.(Al) for q, 
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where 
d2s 2 1 
--a s=-VH-
d 2 d I X o 
H/ k 
a
2
= (-+A)-I o t 
0 
1 Hd 
With !3=-z.]' Eq.(All) becomes 
0 0 
Solving for s, 
s = C1 sinh ax+ C2 cosh ax+ f3V 
Eq.(A12) IS the general expression for slip s. 
(All) 
(AHa) 
(A12) 
Application of Eq.(A12) for a cantilever composite beam under a force at 
the end with the boundary conditions follows as 
at x = 0 
at x = L 
V(x) = P 
s=O 
s' =0 
M(x) = P(L- x) 
s = f3 P(tanh aL sinh ax- cosh ax+ 1) 
s' = af3 P(tanh aL cosh ax- sinh ax) 
From statics, 
M( X) = M8 + Me + F d 
Substituting F from Eq.(A15) into Eq.(A7), 
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(A13) 
(A14) 
(A15) 
ds 11 1 
- = y 'H - -(P L - p X - I y'" A dx d H o I o 
d 
I A 
0 0 
(Hd + H A
0
}1/'= a{1P(tanh aL cosh ax- sinh ax)+ d (L- x) P 
d c 
(A16) 
With bounadry conditions of y=O and y'=O at x=O, integrating (A16) 
(A17) 
(AlB) 
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APPENDIX B 
E6. Composite Beam Elements 
The input data for the composite beam element is identical to 
that for the beam-column element(E2) of the DRAIN-2D, except as 
follows: 
E6(a) 
E6(b) 
Number of words of information per element = 167 
CONTROL INFORMATION FOR GROUP (7I6) - ONE CARD 
Columns 6: Punch 6 (to indicate that group consists 
of composite beam elements). 
6 - 10: Number of elements in group 
11 - 16: Number of different element stiffness types 
(max. 40). 
16 - 20: Number of different end eccentricity types 
(max. 16) . 
21 - 26: Numer of different yield interaction 
surfaces for cross sections(Max. 40). 
26 - 30: Number of different fixed end force 
patterns (max. 36). 
31 - 36: Number of different initial element force 
pattern (max. 30). 
STIFFNESS TYPES (I6,4F10.0,3F6.0,2F10.0) - TWO CARD FOR EACH 
STIFFNESS TYPE. 
CARD 1 
Columns 1 - 6: 
6 - 16: 
16 - 26: 
26 - 36: 
36 - 46: 
46 - 60: 
61 - 66: 
66 - 60: 
61 - 70: 
Stiffness type number, in sequence 
beginning with 1 
Reference moment of inertia 
Young's modulus of elasticity 
Average cross sectional area 
Effective shear area 
Flexural stiffness factor k .. 11 
Flexural stiffness factor k .. 
JJ 
Flexural stiffness factor k .. 1J 
Positive Strain-hardening ratio as 
a proportion of the positive stiffness 
71 - 80: Negative Strain-hardening ratio as 
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E6(d) 
a proportion of the negative stiffness 
CARD 2 
Column2 6 - 15: Positive moment of inertia for the spring 
stiffness at the node i 
16 - 25: Negative moment of inertia for the spring 
stiffness at the node i 
26 - 35: Positive moment of inertia for the spring 
stiffness at the node j 
36 - 45: Negative moment of inertia for the spring 
stiffness at the node j 
46 - 55: Beam length of positive moment as a ratio 
of the beam full length 
56 - 65: Beam length of negative moment as a ratio 
of the beam full length 
66 - 75: Slope of the rule 4 as a ratio of the 
negative stiffness 
CROSS SECTION ELASTIC LIMIT MOMENTS(I5,2F10.0) 
Column 1 - 5: Elastic moment number 
6 - 15: Positive elastic limit moment 
16 - 25: Negative elastic limit moment 
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APPENDIX C 
E7. Composite panel zone element 
The input data for the composite panel zone element is identical 
to that for the semi-rigid connection element(E4) of the DRAIN-2D, 
except as follows: 
Number of words of information per element = 54 
E7(a) 
E7(b) 
CONTROL INFORMATION FOR GROUP(3I5) - ONE CARD 
Column 1 - 5: Punch 7 
6 - 10: Number of elements in group 
11 - 15: Number of different element stiffness types 
(max. 40) 
STIFFNESS TYPES(2I5,6F10.0/10X,6F10.0) - TWO CARDS PER 
STIFFNESS 
CARD 1 
Column 
CARD 2 
Column 
1 - 5: 
6 - 10: 
11 - 20: 
21 - 30: 
31 - 40: 
41 - 50: 
51 - 60: 
61 - 70: 
11 - 20: 
21 - 30: 
31 - 40: 
41 - 50: 
51 - 60: 
61 - 70: 
Stiffness type number 
Joint type 
1 exterior joint 
2 interior joint 
Positive elastic stiffness 
Positive post-elastic stiffness 
Positive strain-hardening stiffness as 
ratio of positive elastic stiffness 
Positive general yield moment 
Positive plastic moment 
Yield surface coefficient for the point 
Negative elastic stiffness 
Negative post-elastic stiffness 
Negative strain-hardening stiffness as 
ratio of the negative elastic stiffness 
Negative general yield moment 
Negative plastic moment 
Yield surface coefficient for the point 
281 
a 
c 
a 
B 
NOMENCLATURE 
A Web area of steel section. 
w 
A 
r 
Area of reinforcing steel 
Area of steel beam or a shear stud 
A 
sc 
Area of steel beam section m compressiOn zone 
Slab width and effective slab width 
Width of concrete slab which IS m contact with column 
b f 
c 
Width of column flange 
c Torsion constant or Damping matrix 
Width of bearing area(Column flange width) 
c 
c 
Resultant compressive force in concrete slab of a composite beam 
Depth of moment arm m composite beam 
d Depth of the centroids of slab and beam 
Depths of beam and column 
Depth of the centroids of slab and torsional beam 
E 
c 
Elastic modulus of concrete 
E Elastic modulus of steel 
s 
Strain hardening modulus of steel 
F Axial force of the slab and beam of a composite beam 
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I 
( 
Yield stresses of steel and reinforcing steel 
r 
c 
Maximum compressive stress of concrete 
G Shear modulus of steel 
Shear strain hardening modulus of steel 
H Height of a story 
Heights of column(Eq.(2.2)) 
I Moment of inertia 
Moment of inertia of a column flange 
Moment of inertia of composite beam 
Moment of inertia of steel beam 
K Stiffness, Stiffness matrix or a constant 
K 
0 
Tangent stiffness at the ongm 
Ke,Kinei'Ksh 
Elastic, inelastic and strain-hardening stiffnesses 
Tangent stiffness matrix 
Torsional stiffness 
k 
s 
Stiffness of a shear stud 
L Length of beam of a cantilever beam 
Total length of a beam 
Lenghtes of beams(Eq.(2.2)) 
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M Moment or Mass matrix 
Mb Moment of a beam 
M Moment of a column or Concrete slab component of the bending 
c 
moment of composite beam 
M 
s 
Steel beam component of the bending moment of composite beam 
True maximum moment of composite beam 
Plastic moment 
Ultimate moment of composite beam as a lower bound 
Moment of a spnng at the corner of panel zone 
N Scale factor 
p Applied Force 
Q Force of a shear stud or Force exerted by beam moment to column 
Q Q Maximum strength of a shear stud m solid slab and m slab with 
sol' rib 
t 
c 
t f 
c 
v p 
metal deck 
Spacing of shear stud 
Slab thickness 
Column flange thickness 
Ratios of moments and depths 
Shear force in beam and column 
Shear force· in panel zone 
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• 
) 
v y 
w 
a,f3 
lp 
Llt 
L:lb,L:l ,L:l c p 
[). 
max 
[). 
y 
e b 
~eq 
Yield shear force of panel zone 
Work or Energy 
constants 
Distortion of panel zone 
Total drift of a story 
Beam, column and panel zone components of L:l 
Maximum deflection of a specimen 
Deflection at yield 
Strain and yield strain 
Equivalent uniaxial strain 
strains of concrete at the maximum and at the untimate 
Rotation of beam 
Ductility ratio 
Equivalent VIscous damping constant 
stress and yield stress 
Equivalent uniaxial stress 
Maximum and ultimate stress of concrete 
shear stress and shear yield stress 
Rotational stiffness of a spnng 
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